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The behavior of slab-beam-column connections in reinforced
concrete floor systems subjected to lateral loads was investigated.
Four full-scale reinforced concrete slab-beam-column assemblies were
tested under reversed cyclic loads.

The test program included two interior and two exterior
joint specimens. The beams and columns of the first two specimens,
one interior and one exterior, had low longitudinal reinforcement
ratios compared to standard U.S. practice. In the remaining two
specimens, the longitudinal reinforcement in the beams and the
columns was increased to provide a variation in beam to slab
strength. The performance of the slab-beam-column assemblies was
evaluated in terms of member behavior, failure modes, shear and
anchorage in the beam column joint region and contribution of the
slab to flexural resistance.

The behavior of the four specimens under reversed cyclic
loads was excellent up to story drift levels of 1-1.5 percent. The
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behavior of all four specimens up to this drift level was governed by
flexure. No shear distress was observed in the joint region during
any stage of testing. The large columns resulted in low shear
stresses in the joint.

In addition to the physical tests, a finite element analysis
was conducted to examine the behavior of the slab-beam-column assem-
blies. A finite element program which can model cracking of concrete
and nonlinear behavior of reinforced concrete was selected since
nonlinear response of the reinforced ccncrete structure after crack-
ing was of interest.

The influence of the slab on the strength of the floor
system under imposed deformations was significantly greater than
would be anticipated by the interpretation of the current provisions
for effective slab widths acting as a flange in a T-beam analysis.
In designing structures to resist seismic loads, underestimation of
the flexural strength of the floor system could result in subjecting
columns to larger moments than considered in design.

The full width of the slab did not act as an effective
flange of the T-beam section. But the reduction in participation of
the slab at greater distance from the web was not due to lower stress
as predicted by shear lag concept, but due to the change in the
location of the neutral axis across the width of the slab. Guide-
lines based on experimental and analytical results were developed to

estimate the influence of the slab in the flexural behavior of the
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floor systems. These design guidelines can be used to compute the

strength and stiffness of the floor systems.
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CHAPTER I
INTRODUCTION

1.1 Introduction
The research project described herein was carried out as a
portion of the U.S.-Japan Cooperative Program on Large Scale Testing
[15]. The U.S.-Japan Cooperative Program was set up with the objec-
tive of improving seismic safety practices, by investingating the
relationship among full-scale lists, small scale tests, component
tests of different scales, and analytical studies.
The Cooperative Program [15] was designed to:
a) achieve clearly stated scientific objectives; b) represent
total building systems as realistically as possible; c) balance
the simplicity and economy of the test specimens with the need
to test structures representing real situations; d) maintain a
balance among small-scale, componant, and full scale tests; e)
utilize previously performed experiments and studies to the
extent practical; f) represent the best design and construction
practice in use in both countries; g) check validity of newly
developed earthquake-resistant design procedures; h) maintain
flexibility to accommodate new knowledge and conditions as suc-
cessive experiments are completed; and i) ensure practicality of
program results.

At the time the Cooperative Program was being formulated, one
of the major drawbacks in previous experimental research on the
response of reinforced concrete structures to earthquakes was the
lack of definitive information correlating the experimental results

with the behavior of actual structures. To examine this missing

link, it was deemed essential to correlate test results from the

1



full-scale component tests, shake table tests, and small- to medium-
scale frame tests, with the results from tests on a full-scale,
multibay, multistory structure under controlled testing-conditions.
The merits and limitations of the data base available from component
testing could be established from such correlation studies, and could
be used to improve in seismic resistant design practice,

The joint research program included design, construction and
testing of a full-scale, multibay, seven-story, reinforced concrete
building structure. A series of tests on this structure were carried
out at the Large Size Structure Laboratory, Building Research Insti-
tute, Tsukuba New Town for Research and Education, Japan. Supporting
tests, performed in both the U.S. and Japan, included component beam-
column joint assemblies, scale models of full-scale structures, and
shake-table models. These coordinated experiments were intended to
provide important test data such as force deformation relationships,
energy dissipation characteristics, and damage and failure models.

The original intent was to conduct the supporting tests
before designing the seven-story structure so that results from the
supporting tests could be used in determining the design details,
loading, and instrumentation regquirements for the seven-story struc-
ture. However, it was not possible to conduct the U.S. supporting
tests before construction and testing began on the seven-story struc-
ture in Japan. Problems arose involving funding and overall

scheduling of the different phases of the project. Asa result, in



most of the supporting tests were conducted after the primary tests
on the seven-story structure were completed.

Theiportion of the U.S.-Japan program carried out at The
University of Texas consisted of testing isolated full-scale beam-
column-joint assemblages. The original objectives of this portion of
the program were (1) to study the problems associated with beam-
column joint connections in reinforced concrete structures (shear in
the joint, anchorage of reinforcement in the joint); and (2) to
correlate the results from the isolated joint specimens with the
results for the joints of the seven-story structure. It was also
intended that the details of the joints in the seven-story structure
be modified if the isolated joint specimens identified any problem
areas. However, since the joint tests were actually started after
the design and testing procedure of the seven-story structure had
pbeen decided upon, results from the isolated joint tests did not
influence the design and/or testing of the seven-story structure.

The design of the seven-story structure was based on both
the Japanese and U.S. design practices, and hence certain compromises
had to be made where the standard design practices in the two coun-
tries differed. Initial examination of the design of the joint
specimens indicated that due to the column size and low percentages
of longitudinal reinforcement in the beams and columns there would
probably be no shear distress in the joint. It was also concluded
that the isolated joint test specimens would probably not result in

any new information regarding beam column joint behavior. However,



tests of the seven-story structure indicated that the slab played a
more important role in resisting applied deformaticns than was
envisioned in the planning and analysis of the large structure.
Therefore, the proposed joint subassemblages provided an excellent
opportunity to study the behavior of the slab and its participation
Wwith the beams in resisting applied laéerél deformations, and the
objectives of this part of the program were modified accordingly.
The correlation studies originally envisioned between the test
results from the isolated and joint specimens and the joints in the
seven-story structure could not be undertaken because: (1) the data
from the seven-story structure were not available in a form which
permitted easy access or processing, (2) the data needed (deformation
and strains in the joint region) were not obtained; and (3) the
schedule for this project did not permit such correlation. However,
these studies are currently being conducted at The University of
Texas at Austin in a subsequent project.

The tests on the joint assemblages in this investigation
were designed to increase understanding of the behavior of the slab
under imposed lateral deformations. Test results revealed that the
participation of the slab could not be inferred from experimental
results aléne. Hence, a finite element analysis was also carried out

to further study the factors affecting slab participation, and to aid

in the development of design guidelines.



1.2 Objectives of the Investigation--
Slab-Beam~Column Subassemblages

The primary objective of this dissertation is to investigate
the behavior.of slab-beam-column connections in reinforced concrete
floor systems subjected to lateral loads. The specific objectives
are:

1. to study both experimentally and analytically the path of
moment transfer in such a floor system;
2. to determine the influence of the slab in resisting applied

lateral deformations;

3. to compare observed and analytical response of the slab in
" order to determine the adequacy of current design provi-

sions; and
4, to propose guidelines to predict strength and stiffness of

such slab systems subjected to lateral loads.

1.3 Background--Role of the Slab

A clear understanding of the behavior of reinforced concrete
floor systems subjected to lateral loads is essential in designing
such systems to resist wind and earthquake loads. The analysis of
floor systems subjected to lateral loads is essential for two primary
reasons. First, the lateral drift of the structure must be
determined for serviceability reasons. Second, the forces introduced
into the columns by the floor elements due to large imposed

lateral deformations, as in the case of earthquakes, must be



evaluated. Hence, it is essential to study the behavior of the floor
systems under both service and ultimate states.

The fundamental difficulty in analyzing a floor system with
beams is in determining the distribution of moment between the slab
and the beams. A three-dimensional finite element analysis of the
whole structure would be extremely expensive and not necessarily
accurate. The usual approach is to reduce the three~-dimensional
structure to a two-dimensional frame for analysis. The major problem
in this conversion is how to model the three~-dimensional behavior of
the columns, the beams, and the effective width of the slabs. The
beams and the columns havé generally comparable widths, but the width
of the slab is typically 10 to 20 times as large. Furthermore, the
slab usually frames into transverse beams which transfer nmoment to
the column. The determination of the path of moment transfer thus
becomes complex even for an elastic material. For reinforced con-
crete the problem is aggravated due to the nonlinear response of the
material.

Many designers ignore the presence of the slab, and analyze
the "pare" beam and column frame. This approach is conservative in
determining the resistance to applied loads, but becomes unconserva-
tive when determining the forces the floor system can impose on the
column under large lateral deformations. When the structure is
deformed laterally, the slab may introduce large forces into the

transverse beams and the columns. Under these conditions the effect

of the slab cannot be ignored.



Some designers use the "Equivalent Frame Method" to analyze
floor systems subjected to lateral loads. The "Equivalent Frame
Method" [1,2] is based on reducing a 3-D floor system to a 2-D frame
and then analyzing the 2-D frame to determine the distribution of
moments in the 3-D floor system. The stiffnesses of the various
members defined in the "Equivalent Frame Method" are not exact
stiffnesses but are based on experimental results and elastic
analyses. The experimental results were obtained from structures
subjected only to gravity loadings. The method as originally
developed was not intended to be applied to slab structures under
lateral loads. The method must be modified if it is used for
analyzing frames with floor slabs under lateral loads.

Currently, the design engineer has very little guidance for
analyzing floor systems subjected to lateral loads. A few approaches
to the problem have been suggested [16], but the lack of experimental

data makes it difficult to verify the validity of these approaches.

1.4 Outline of the Investigation

The three main phases of the investigation on the behavior
of the slab systems under lateral loads were 1) experimental program,
2) analytical program, and 3) development of design guidelines based
on the results of the experimental and cnalytical studies.

1.4.1 Experimental Program. The slab-beam-column

assemblages tested at The University of Texas were governed by the

design of the seven-story structure tested in Japan. Therefore, the



dimensions, loading and instrumentation for the seven-story structure
will be described briefly to help identify the similarities and

differences between the large structure and the isolated test

specimens.

1.4.2 Description of the Seven-Story R/C Building. The

test structure had three spans in the direction of lateral loading
and two in the transverse direction. Plan and elevation views of the
seven-story structure are shown in Figs. 1.1 and 1.2. In addition to
the beam-column frames, the deéign structu;e included a structural
wall in the middle frame parallel to the direction of loading.
Lateral load resistance of the building was provided by the interac-
tion of the frame wall structural system but the wall was the primary
element. The columns and beams of the frame were rather large,
lightly reinforced sections, characteristic of Japanese seismic
design. Some of phe reinforcement details differed from standard
U.S. practice and will be discussed later. 1n general, the full-
scale seven-story structure was designed as a compromise between the
earthquake engineering design practices of both the U.S. and Japan
and the physical limitations of the testing facility.

The test program for the seven-story structure consisted of
two phases. The first phase consisted of four sub-phases: 1
recording of earthquake response; 2) vibration tests; 3) static
tests; and 4) the pseudo-dynamic test. In the second phase, the
damage to the structure due to the loadings in the first phase was

repaired. A variety of nonstructural elements was installed in the
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repaired structure. Subsequently, the effectiveness of the repair
and the interaction between structural and nonstructural elements was
examined. A detailed report on these experiments is documented in

Ref. 12.

1.4.3 Full Scale Tests of Slab Beam-Column Subassemblages.

The geometry and the boundary and loading conditions for the full-
scale joint specimens tested in this investigation were derived
assuming that under the action of lateral loads the points of inflec-
tion in the seven-story structure were located at the midheights of
the columns and at the midspans of the beams and the slab. The
portion of the seven-story structure represented by the test speci-
mens is shown in Figs. 1.1 and 1.2. The overall geometry of the test
specimens themselves is shown in Figs. 1.1 and 1.2,

To facilitate fabrication and testing of the slab-beam-
column assemblages, their geometry was slightly modified from that of
the joints regions of the seven story structure. To maintain
tranvserve symmetry about the column a slab width of 2m was used on
both sides, rather than duplicating the geometry of the seven-story
structure with a slab width of 2m on one side and 3m on the other. A
16-ft span was used in the loading direction to facilitate testing in
the laboratory, which has bolt groups centered at 4-ft intervals in
the structural floor. The difference in column heights between the
first story and the others was reproduced by using different top and

bottom column heights in the test specimens.
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The continuity in a real structure cannot be achieved in
component test specimens. Hence, the precise distribution of
internal forces in the seven-story structure could not be duplicated
in the test specimens. The lateral loading in the seven-story struc-
ture was simulated by applying vertical racking loads at the ends of
the longitudinal beams, while restraining the column in the horizon-
tal direction by simple supports as shown in Fig. 1.3. In that same
figure, the real loading situation is also compared with the loading
scheme used in the testing of isolated specimens to facilitate
testing and because the dead load on the columns in the seven-story
structure was small, no axial load was applied to the column. Due to
the lack of axial column load, and because displacements were applied
to the beams rather than the columns, P-delta effects were not dupli-
cated in the test specimens. When results from the seven-story
structure were evaluted, some problems arose with duplication of
loading conditions which were not envisioned at the beginning of the
test program were encountered when results from the seven-story
structure were evaluated. For instance; it was not foreseen at the
beginning of the test program that the rocking and subsequent uplift
of the of the wall would introduce forces in the joint region from

the transverse direction [15].

The boundary conditions at the exterior joint differed in
that the seven-story structure included a spandrel wall along sec-
tions 1 and 4 shown in Fig. 1.1. This spandrel wall, which was not

planned in the initial stage of the project, altered the torsional
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characteristics of the transverse members and precluded direct com-
parison of the behavior of the exterior joints with the isolated
exterior specimens. The load histories for the seven-story structure
were based on recorded earthquake motions, modified to excite pri-
marily a first-mode response of the structure. Because of the then-
current uncertainties regarding the actual response of the seven-
stc~y structure, a displacement record bzzed on such ground motions
was judged too difficult to reproduce in the component tets. There-
fore, the slab-beam-column subassemblages were subjected to selected
displgcement histories in which peak deflection levels were increased
as testing continued.

Due to the lack of specific data regarding points .of inflec-
tion in the columns and beams, and local deformations of the slab,
beams and columns of the seven-story structure, it was difficult to
compare directly the beam end displacements imposed in the test
specimens with the deflection levels of the seven-story structure. A
reference parameter, drift angle, was used to compare some of the
test results. For the seven-story structure, this drift angle was
computed using the relative lateral drifts of the second and third
levels. An approximate drift angle for the joint at the second level
was calculated by averaging the drift angles of the first and second
stories, both of which contributed to the rotation of the joint, as
shown in Fig. 1.4, To calculate the drift angle for the test speci-

mens, the total beam end deflections were divided by the length

between the loading points as shown in Fig. 1.5.
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Four full-scale beam-column-slab assemblies were tested in
the Ferguson Structural Engineering Laboratory at The University of
Texas as part of the U.S.-Japan Cooperative program on large-scale
testing. The test program included two interior and two exterior
joint assemblies. The first two specimens (one interior and one_
exterior, referred to hereafter as PROTOTYPE INTERIOR and PROTOTYPE
EXTERIOR) were identical in terms of both geometry and reinforcing
details to the beam-column joints in the second story of the full-
scale, seven-story structure tested in Japan. Locations of the typi-
cal interior and exterior joints in the seven-story structure are
indicated in Figs. 1.1 and 1.2. In the remaining two specimens (one
interior and one exterior, referred to hereafter as MODIFIED INTERIOR
and MODIFIED EXTERIOR), the longitudinal reinforcement in the beams
and columns was increased to vary beam-to-slab strength. The geom-
etry of the "modified" specimens was otherwise identical to that of
the "prototype" specimens.

It should be mentioned, however, that the proposed research
program represents the first opportunity to correlate test results
and observations from a continuous real structure subjected to simu-
lated earthquakes with test results from component tests.

1.4.4 Analytical Program. Results obtained from the

experimental program showed a need for analytical research to better
understand the behavior of slab systems subjected to lateral 1loads.
A finite element analysis of the test specimen was conducted to

examine the behavior of the connection. A finite element program
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(ABAQUS) [6,7,8] which can model nonlinear behavior of reinforced
columns was selected since the nonlinear response of the reinforced
concrete structure after cracking was of interest. Results from this
analysis are compared with the experimental results. While some
problems were encountered in these analyses, the results were

encouraging.

1.4.5 Design Recommendations. Some of the observed results

showed that the actual behavior of specimens differed considerably
from that anticipated in the development of current ACI design recom-
mendations., Use of some current design guidelines {2,9,131,
especially those regarding assessment of negative flexural capacity
of slab systems, can result in unconservative design solutions.
Hence, it was necessary to develop design recommendations to compute
flexural capacity of slab-systems based on observed and analytical

results. These guidelines are compared with current design

procedures.



CHAPTER 1I1

DESCRIPTION OF THE EXPERIMENTAL PROGRAM

ON FULL-SCALE JOINT ASSEMBLIES

2.1 Introduction

Two interior and two exterior joint assemblies were built
using the dimensions of the joints at the second level of the seven-
story structure. Since correlation of the results from the seven-
story structure and the full-scale specimens was one of the primary
objectives of the U.,S.-Japan program, the geometry and reinforcement
was dupiicated from the seven-story structure and no detailed design
calculations were required. Since the full-scale structure was
designed and built in Japan using metric dimensions, whereas the test
specimens were based partly on English units, some dimensions were
adjusted slightly and nominal material properties were approximated.
Fabrication and testing constraints were also considered in selecting

the geometry of the test specimens.

2.2 Specimen Geometry

The dimensions of the test specimen are shown in plan and
elevation views in Figs. 2.1 and 2.2. The shaded portion indicates
the geometry of the exterior joints. The longitudinal beam refers to
the single beam in the long direction of the specimen intersecting

the joint, and running parallel to the direction of simulated lateral

18
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loading. The racking loads were applied at the ends of the
longitudinal beams. The beams intersecting the joint and orthogonal
to the longitudinal beam are referred to as the transverse beams.
The beams parallel to the transverse beam at the opposite edges of
the specimens are the end beams. The orientation of the Jjoint
assemblies, as positioned in the test setup, is shown in Fig. 2.1.
The directions (north, etc.) were utilized to locate the
instrumentation and to document the crack patterns and the damage to
the specimens.

The length of the longitudinal beam, on either side of the
column centerline, represents approximately half the span length of
the middle bay in the seven-story structure. A half-span length of 8
ft was convenient with regard to layout of the structural floor in
the laboratory where bolt groups are centered at 4-ft intervals. The
transverse dimension of the specimens, 4 m (13ft 1-1/2 in.), was
chosen to duplicate the transverse Span length of the seven-story
structure, with a 2 m transverse beam on each side of the column.

The column lengths were determined assuming points of
contraflexure at the midpoints of the columns. The first-story
height in the seven-story structure was 3.75 m (12 ft &4 in.) compared
toa3m(9 ft 10 in.) height for the top six stories. Therefore,
the upper and lower column lengths differed in order to reflect the
geometry of the seven-story structure.

The cross-sectional dimensions of the column and the

longitudinal and transverse beams are shown in Fig. 2.3. Metric
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dimensions were used for fabrication of the test specimens except

when compatibility with laboratory floor dimensions was required,

2.3 Reinforcing Details

Reinforcement ratios for the members in the seven-story
structure were quite low, particularly by U.S. standards where they
approach the minimum recommended values given by ACI 318-83 [2].
However, the large, lightly-reinforced sections are typical of
Japanese seismic design practice. The reinforcement details for the
prototype specimens, tne first interior and exterior joint
assemblies, were similar to the details used in the seven-story
structure. The steel percentages and bar arrangements in these
specimens were duplicated using standard U.S, bar sizes and grades
which were essentially equivalent to the metric bars used in the
seven-story structure. In the third and fourth (or "modified")
specimens the longitudinal reinforcement in the column and the beams
was increased to provide variation in beam-to-slab strength. The
increase in the longitudinal reinforcement was selected to simulate
more closely the details used at the Portland Cement Association

Laboratories for the 1/3.5 scale frames.

2.3.1 Prototype Specimens. Cross-sectional details of the

prototype specimens are illustrated in Fig. 2.3. The column
reinforcement consisted of eight #7 bars (6= 1.37 percent), three in
each face. The transverse reinforcement in the column consisted of

#3 hoops, spaced at 10 em (3.9 in.). Throughout the length of the
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column, including the joint region, clear cover was 3.8 cm (1-1/2
in.).

The longitudinal and transverse beams were reinforced with
three #6 bars at the top and two #6 bars at the bottom. This
resulted in a reinforcement percentage (6) of 0.64 percent and 0.42
percent for the top and bottom steel, respectively; the reinforcement
percentages were computed using the rectangular beam section. Top
steel in the longitudinal beam was placed under the top steel in the
transverse beam, a detail used in the full-scale structure, as shown
in Figs., 2.4 and 2.5. The longitudinal reinforcement was continuous
through the joint and anchored at the end of each beam with a
standard 90° hook. In the exterior joint the longitudinal beam bars
were carried to the far end of the column as is common U.S. practice
as shown in Figs. 2.6 and 2.7. Bars are taken only to the center of
the joint in typical Japanese practice, but as a compromise the
standard U.S. detail was used. The transverse reinforcement in both
the longitudinal and transverse beams was provided by #3 hoops at a
spacing of 10 cm for the first meter from the column face. (The
first stirrup was 5 cm from the column face.) Thereafter, the hoop
spacing was increased to 20 cms.

The reinforcement hook details for the beam and columns
stirrups differed slightly from the standard U.S. practice. A six
bar diameter hook extension, a common Japanese practice, was used
as a compromise instead of the 10 bar diameter (10 db) hook extension

required by Appendix A of ACI 318-83.
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The end beams were reinforced with two #7 bars top and
bottom. The transverse reinforcement in the end beams consisted of
#3 stirrups at 20 cm (7.9 in.) throughout the length of the beam,

The slab reinforcement consisted of two mats of #3 bars, with
a 2 cm (3/4 in.) clear cover (see Fig. 2.8). The top steel in the
longitudinal direction was placed over the top steel in the
transverse direction, and the bottom steel in the longitudinal
direction was placed under the bottom steel in the transverse
direction. The longitudinal reinforcement was placed at 30 cm (11.8
in.) spacing for the first 90 cm (35.4 in.) measured from the beam
centerline and then decreased to a 20 cm (7.9 in.) spacing. The
bottom layer of the longitudinal slab steel in the interior joints
was continuous over the transverse beam, a detail not normally used
in U.S. practice. A uniform spacing of 30 cm was used in the
transverse direction. The longitudinal slab steel had standard ACI
180° hooks at the ends, whereas the transverse slab steel had no
hooks at the ends.

2.3.2 Modified Specimens. The primary difference between

the detailing of the modified interior and exterior joint assemblies
and that of the corresponding prototype specimens was the increased

amount of longitudinal steel in the column and all the beams (see

details in Fig. 2.3).

The column reinforcement consisted of twelve #8 bars (6 =
2.7 percent), four on each face. The column transverse reinforcement

was identical to that in prototype specimens, #3 hoops at 10 cm (3.9
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in.) along the column and through the joint. The exterior prototype
specimen exhibited an anchorage failure due to lack of sufficient
transverse confinement.“ Hence, to provide additional joint trans-
verse confinement, in the case of the exterior modified specimen,
cross ties were added in the joint. The cross ties consisted of #3
bars with ACI 135° standard hooks at either end. The hooks were in
the vertical plane, as illustrated in Fig. 2.9. One cross tie was
placed in the longitudinal direction at the center of each of the
four #3 hoops in the joint region.

The longitudingl beam had five #7 bars at the top and three
#7 bars at the bottom., The reinforcement percentages were 1,36 and
0.85, respectively, based on the rectangular beam section only. Four
of the top five bars were bundled in groups of two bars, and were
located at the corners of the hoops. The longitudinal reinforcement
in the transverse beam consisted of four #7 bars at the top and three
#7 bars at the bottom. The transverse reinforcement in both the
longitudinal and transverse beams was identical to that used in the
prototype specimen.

Two #8 bars were used at the top and at the bottom to
reinforce the end beams. The transverse reinforcement was identical
to that in the prototype specimens.

The slab steel in the modified specimens was identical to

that of the prototype specimens (see Fig. 2.8).
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2.4 Fabrication of the Specimens

2.4.1 Formwork. The formwork included typical lower and
upper column forms (see Fig. 2.10) and four rectangular pans with
side forms (see Fig. 2.11) used to mold the beams and the slab. To
avoid binding of the pan forms between the transverse beam and end
beam, each of the four pans was built using two individual units
separated by a narrow opening. Once the formwork was assembled the
openings were filled with strips of styrofoam and then caulked to
prevent loss of water through the opening.

Only one fcrm was built and was used repeatedly to fabricate
the four specimens. The formwork was modified slightly for the
construction of the exterior specimens. The formwork was lacquered
to provide a protecéive coating as well as a smooth finish for the
concrete surface.

2.4.2 Construction and Assembly of Reinforcing Cages. The

column cage was fabricated with only the lower column stirrups tied
in position (see Fig. 2.12), and was then lowered into the casting
platform. A thick-walled pipe, 50 cm (19-3/4 in.) long and 1-1/4 in,
inside diameter was carefully aligned and tied in place 4-1/2 in.
above the base of the column, This pipe served as a sleeve through
which a 1-1/4-in. diameter high strength steel bolt was later
inserted to provide a pin connection at the base of the specimen.
The area surrounding the pipe was reinforced with extra column hoops
and cross ties. In addition, & 1/4 in. spiral 3 in. in diameter at

1-1/2-in. pitch was placed around the pipe to prevent local failure



Fig. 2.11

Slab-beam form work
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Fié. 2.13 Steel sleeve for pin connection
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during testing (see Fig. 2.13). The lower column forms were oiled
and secured in place with the column cage aligned within.

The eight pan forms (six in the exterior joint assemblies)
were then positioned and secured to the platform with lag bolts (see
Fig. 2.11). The longitudinal and transverse beam cages were
constructed as one unit (see Figs. 2.14, 2.15), The column hoops in
the joint region were loosely tied inside the beam cages., The
longitudinal and transverse beam cages and the four joint core ties
were threaded simultaneously through the upper column bars and
lowered into place (see Fig. 2.16). In the modified exterior joint,
four cross ties with 135° hooks at one end were slid into the joint
core, and were then bent in place to form a 135° hook on the other
side (see Fig. 2.9). The partially fabricated end beam cages were
placed and then completely tied., The remaining formwork was oiled
and bolted to the platform. The slab steel mats were placed and
secured in position as shown in Fig. 2.17. Three top column hoops
were placed and tied. A collar to form the lower 3 in. of the upper
column was secured around the top column cage. The strain gage lead
Wwires were bundled and tied to the upper column bars.

2.4.3 Reference Inserts. Inserts were secured in selected

positions in and near the joint core to serve as reference points for
instrumentation used toc determine beam and joint deformations (Fig.
2.18). To reduce inaccuracy due to spalling concrete moving the
refereqce points, the inserts were isolated from the cover concrete

with foam rubber and tape. Several screw anchors were also provided
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Fig. 2.14 Beam reinforcement cage, interior prototype specimeh
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Fig. 2.16 Column and beam reinforcement placed in forms

ke xr it

e e Y t
. i
* i "
ts i
‘- v

] "L
ST L

Fig. 2.17 Slab reinforcement placed in forms

35



Fig. 2.18 Reference inserts and slip wires in the joint
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at various locations to help attach instrumentation. To provide
reference points for beam rotations, two straight rods (1/2-in.
diameter steel stock) were embedded in the longitudinal beam, on
either side of the column, at 6 in, and 24 in. from the column face.
At the longitudinal beam-end beam joints, four PVC tubes were placed
to correspond with the four holes in the loading plates used to
attach the loading rams to the specimen, as shown in Fig. 2.19.

2,4,4 Casting and Curing. Each specimen was cast in two

stages. The lower column, the joint region and the slab were cast in
the first operation. Following a four-day curing period the forms
were stripped. The specimens were lifted from the platform and set
on a steel frame prior to casting the upper column, The upper column
cage was completed and a pipe was inserted for the upper pin
connection. The upper column forms were aligned using the 3-in.
projection left in the column during the earlier concrete placement,
as shown in Fig. 2.20. The upper column was cast and allowed to cure

for several days before the forms were removed.

2.5 Instrumentation

The instrumentation used was identical for all four speci-
mens. Each of the specimens was extensively instrumented to gather
sufficient data to monitor behavior during the test and to help in
correlating the results with those of the seven-story structure.

2.5.1 Strain Measurements. Strain gages were mounted on

beam, column and slab longitudinal bars as well as the beam and



Fig. 2.20

.Upper column form work
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column transverse reinforcement. Prior to mounting the strain gages
on a reinforcing bar, bar lugs were removed by grinding and the
surface was sanded and cleaned. The gages were attached with epoxy.
The gage and its connection were waterproofed with a moisture barrier
and covered with an adhesive rubber compound. The strain gages had a
gage length of 0.64 in. on the larger bars (#8, #7, and #6) and a
gage length of 0.32 in. on the smaller bars (#3).

The primary strain gage locations in the test specimen were
jdentical to those in the prototype structure. Gages were located on
beam and column bars near the critical sections at the beam-column
interfaces (see Fig. 2.21), and on longitudinal slab bars at the
transverse beam-slab interfaces (see Fig. 2.22). Additional gages
were located in the slab (Fig. 2.22), in the joint core column hoops
and on the hoops of the transverse beam (Fig. 2.23). The number of
strain gages required was reduced by taking advantage of symmetry.
The southwest quadrant of each specimen was extensively gaged, and
only a few gages were placed in the remaining quadrants to serve as

checks.

2.5.2 Beam Deflections and Beam Load. The beam end

deflections were measured with a 12-in. LVDT potentiometer attached
to the loading actuator (see Fig. 2.24). The displacement of the
potentiometer corresponded to the piston displacement. The load
applied at the ends of the longitudinal beam was monitored by a load

cell attached between the specimen and the hydraulic ram (Fig. 2.24).



40

SUOTqE00T 9888 UTBJ4q4S JBQ UWNTOO pue uesg [2°2 814

#afA apts (q) MafA ueld ()
8bp9 B8UQ —gg—
N ebpg do} —g@— ~
Wv3e ebog wojiog puo do| —@— Wv3a 153Mm
1S3M . \\1|
snmmwz Wv38 H1NOS Wv38 HLYON
\ . ® —
8 A " I R \I ¢ ‘ ?ﬂ“v &
N |
i i
| | gl ST TC T
I e 2 9
lo— LN 52 2 oL@
t S
|
|
J
1

b due G — o = —t
-

tujop jo doy (1

g 1equnN Ipg uvwnjo) : g

ipg woeg wojjog 10 doj :@ 'L

¢ '2 1equiny ing woeg :0'2
jujop §o i19juey o

f1— &
Wv3g \
H1NOS

zz:,_ool\

woey 10M-1803 M
¢ J\zv S woeg §sp3 :3
(1S
' 12M3

8¢e3
‘SITdNVYX3



N—=—
2 3 4 5 6 7 8 9
———t o e apm—— ST =y j I— ——— e esegn e e foe—

-
@
®

H — e ——d. — e e e s ]
—nde emmeses lunens el e — e c—f—

N

TR

7,

SON

A

Fig. 2.22

—@®— Gage Top and Bottom
—®&— Gage Top

Slab bar strain gage locations

41



Ties 1,4 Ties 2,3
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Fig. 2.23 Strain gage locations for joint and beam hoops
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2.5.3 Beam Rotations. The longitudinal beam rotations near

the column faces (6 in. from the column face) were measured relative
to the column using linear potentiometers mounted on the embedded
rods above and below the longitudinal beam (see Fig. 2.25). Aluminum
plates bolted to the column inserts above and below the joint
provided smooth reference surfaces for the potentiometer shafts.

The beam rotations along the longitudinal beam between 6 in.
and 24 in. from the column face were also measured. An aluminum
plate was soldered at the end of a hollow aluminum tube; this
provided a reference surface when attached to the rod embedded 6 in.
from the column face (see Fig. 2.25). Two potentiometers, one above
and one below the beam, were attached to the rod embedded at a
distance of 24 in. from the column face,

The potentiometers measured horizontal displacements over
known gage lengths as the beam rotated (see Fig. 2.26). The
difference in the readings between the corresponding top and bottom
potentiometers was used to determine the angle of beam rotation
between the column and the rod embedded in the beam 6 in. from the
column face in the first case and between the two rods embedded at 6
in. and 24 in. from the column face in the second case.

The measured rotations include the effects of both elastic
and inelastic beam deformations as well as slip of the beam bars
through the joints. The calculation for the beam rotations, relative
to the column, are based on the approximate geometry and beam

deformation shown in Fig. 2.26. The measured rotations do not
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correct for the contributions due to joint shear rotations or
flexural rotations of the column. The rotations were determined in
an identical manner for the seven-story structure over an 8 to 9 in.

length from the column face.

2.5.4 Joint Shear Strain. The joint shear strain was

measured with the assembly shown in Fig. 2.27. Two sliding arms were
attached to three reference inserts embedded in the joint core and
located on the north column face below the slab. A linear
potentiometer was mounted on the diagonal between the extension of
the two sliding arms. Shear deformations of the joint produced
movement of the arms relative to each other. The potentiometer
measured changes in the length of the third side of the triangle
between the arms. The joint shear strain was obtained using the law
of cosines as illustrated in Fig. 2.27.

2.5.5 Slip of Longitudinal Beam Bars. The slip of the

longitudinal beam bars was monitored by a potentiometer attached to a
fixed insert embedded in the joint core (Fig. 2.18). A stiff piano
wire was firmly attached to the beam bars by inserting it into a
tight-fitting hole drilled in the bar, and a nylon tie further
secured the wire to the bar. A plastic tube was then placed on the
piano wire. The plastic tube allowed the wire to move relative to
the surrounding concrete (see Figs. 2.18 and 2.28). A rod was bolted
to the fixed insert in the joint core. A small plate was attached

firmly to the end of the wire and a spring was inserted between a

fixed plate on the rod and the plate on the wire, A linear
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potentiometer was mounted on the fixed rod with its plunger bearing
against the small plate on the wire.

As the beam bar slipped with respect to the concrete, the
piano wire moved inside the plastic sheath. Movement of the bar was
monitored by the potentiometer. The slip wire monitored the relative
movement of the longitudinal beam bars with respect to the column

face (see Fig. 2.28).

2.5.6 Twist of the Transverse Beam. The twist of the

transverse beam was measured relative to the column. The twists were
determined at 19.5 in. (distance d) and 63.5 in. (near the end of the
transverse beam) from the column face on both sides of the column
(see Fig. 2.29). A stiff frame, made out of a 2-in. box section and
two 1/2-in. steel plates, was bolted to the column. Four 1/2-in.
structural tubes were welded to the box section at distances of 19.5
in. and 63.5 in. from the column face on both sides of the column.
Two 3/8-in. threaded rods were bolted to the bottom of the transverse
beam at each location. A steel angle, with plates attached at the
ends to provide a smooth surface for the potentiometer rods to rest
against, was secured horizontally to the threaded rods.
Potentiometers were mounted on the ends of the steel tubes with the
rods bearing against the horizontal plates. See Fig. 2.30 for
details.

As the transverse beam twisted with respect to the column

(see Fig. 2.31), the steel angle rotated with it. The potentiometers
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measured the vertical displacements at each end, from which the

torsional rotations were determined as shown in Fig. 2.31,

2.6 Experimental Setup

The experimental setup is shown in Fig. 2.32. The points of
inflection for a multistory, multibay structure when subjected to
lateral load were assumed to be at the midspan of both the columns
and the beams. The specimen was supported at the top and bottom of
the column by pin supports, to simulate zero moment condition.
Racking loads were applied to both ends of the longitudinal beam to
simulate story shear.

2.6.1 Test Frame. The test apparatus (Fig. 2.32) included a
floor fixture, a wall bracket, struts extending from the reaction
wall, and braces at right angles to the struts. The lower column was
pin-connected to the floor fixture which was bolted to the reaction
floor. The upper column was pinned to the channel struts which were
pin-connected to the wall bracket. Braces attached ﬁo the south
channel strut supplied lateral bracing to the specimen.

2.6.2 Pin Connections. Similar pin connections were used at

both top and bottom. The floor fixture, shown in Fig. 2.33, was
fabricated with two 18-in. deep channel sections and a rectangular 1-
1/4-in. floor plate. To facilitate positioning of the specimen, one
channel was welded to the floor plate, and the other channel was
bolted after the specimen was in place. Two clamping plates, one

between the column face and the channel and the other on the outside



Fig. 2.32 Test setup
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of the channel, were bolted to each channel after the pin was
inserted through the entire assembly, including the column, to secure
the specimen (see Fig. 2.34). Oversized holes for the pin and the
four clamping bolts were drilled in each channel section to offset
any alignment problems due to fabrication errors.

A minor problem with the pin connections did arise during
testing of the first specimen, the prototype interior assembly. Slip
of the top and bottom pins in the oversized holes was detected, as
the specimen was loaded, up to a particular deflection level;
thereafter, the pins seated and deflected very litt;e. A correction
determined from the measured displacements or the slip of the lower
and upper columns in the pin connections was used to adjust the beam
deflections.

For the other three specimens this problem was avoided by
modifying the pin connection assembly. Two 1-in. stiffened steel
plates were clamped on either side of the channels. High strength
bolts, used to clamp the plates, were torqued in order to ensure
perfect clamping at all load levels. The column was clamped in the
loading direction by three bolts on either side coming from the steel
plates. The clamping assembly at the top pin is shown in Fig. 2.35.
This allowed the column to rotate at the pin but prevented its
movement in the horizontal direction. Slip of the column was
monitored throughout all the tests, and none was detected. The upper

pin connection was modified in a similar manner,



Fig. 2.33 Floor fixture
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Fig. 2.34 Lower column pin connection detail
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2.6.3 Loading System. Racking loads were applied to the

longitudinal beams as illustrated in Fig. 2.36. Two double-rodded
hydraulic rams, each with a capacity of 100 kips, were used to apply
the loads. However, during the initial stages of testing of the
first interior prototype specimen, a single hydraulic system was
employed to apply the west and east end beam deflections. Due to an
error in the hydraulic line connection, the specimen was tested under
load control rather than deflection control, and the west and east

beam end displacements differed. This problem was corrected for the

subsequent testing.

2.7 Test Procedure

The specimens were subjected to predetermined displacement
levels typical of the interstory drift levels imposed on the seven-
story structure., No loads were applied directly at column ends,
Horizontal reactions were induced by the restraint against motion. A
series of cycles with increasing magnitude of deflection levels were
applied. Between each deflection level, cycles to smaller deflection
level were applied. The load history for the interior prototype
differed in details from that of the other three specimens. The load
history for the interior prototype is shown in Fig. 2.37. A typical
load history for the other three specimens is illustrated in Fig.
2.38.

The east and west beam deflections and corresponding beam

loads were continuously monitored with X-Y recorders and were used to
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Fig. 2.37 Load history, interior prototype specimen
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control the applied loads. The instrumentation was monitored at
several stages within each cycle and at the peak of each cycle. All

125 data channels were scanned at each of the load stages.

2.8 Data Acquisition and Reduction

The test data were recorded on magnetic tape with a digital
data acquisition system. A hard copy of the voltage readings was
obtained on a line printer near the test setup. The magnetic tape

was mounted on a mini-computer tape drive tec store the data on a

computer disk for future processing.

2.9 Material Strengths

2.9.1 Concrete. The concrete mix design was proportioned
according to standard ACI procedures with an adjustment made for the
high strength characteristics of Texas cements. The design strength
of 4000 psi and a 1-in. maximum aggregate size was specified as in
the full-scale structure. Standard 6- x 12-in. cylinders were cast
during each operation., The average cylinder strengths at testing are
given in Table 2.1. The small difference between the concrete
strengths in the lower column and slab, and in the upper column, was
not considered a problem, because all of the instrumentation was
1pcated within the first cast. Relatively small forces were imposed

on the upper column.

2.9.2 Steel Reinforcement. ASTM A615, Gr. 60 reinforcement

was used in all four specimens. Since the reinforcing bars were

ordered in two batches, their yield strengths differed for the
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TABLE 2.1 Average Concrete Strength (in psi)
First Cast Second Cast
Specimen Lower Upper
Column Column
psi psi
Interior Prototype 4860 3430
Exterior Prototype 4690 2340
Interior Modified 3950 4940
Exterior Modified 4850 5010
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prototype and modified specimens. The average yield strength for the

steel used is given in Table 2.2.

2.10 Member Strengths

To understand the behavior of the joint assemblies, the
response of the individual members was calculated. The force-
deformation curves for flexural response of the longitudinal beam,
torsional response of the transverse beam, and moment-axial force
interaction diagram for the column were determined using the actual
material strengths. The theoretical response characteristics of the
individual members provided some insight into the role and interac-
tion of members in the structure and in the assembly tests.

2.10.1 Column Strength. The moment-axial force interaction

curves for the columns of the four specimens are shown in Fig. 2.39.
The curves were obtained using a program which considers the effects
of concrete confinement and strain hardening of steel. Kent and Park
stress-strain characteristics for confined concrete were assumed.
The interaction curves for the interior and exterior prototype speci-
men are similar (same steel strength, similar concrete strength).
The large difference in the concrete strength between the two modi-
fied specimens affects the interaction curves. However, under zero
axial load, the capacity of the interior and exterior modified speci-

mens is nearly the same.

2.10.2 Beam Flexural Strength. The moment-cdrvature

relationships were computed for the longitudinal beam using the same
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TABLE 2.2 Average Yield Strength of Steel

Location Bar Size Yield Strength
ksi
Prototype Specimens
Longitudinal Column Bars #7 (22.2 mm) 79
Longitudinal Beam Bars #6 (19.1 mm) 61
Longitudinal Slab Bars #3 ( 9.5 mm) 58
Transverse Steel #3 ( 9.5 mm) 60
Modified Specimens
Longitudinal Column Bars #8 (25.4 mm) 72
Longitudinal Beam Bars #7 (22.2 mm) 75
Longitudinal Slab Bars #3 ( 9.5 mm) 75
Transverse Steel #3 ( 9.5 mm) 67
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computer program. The flexural capacities were dependent on the
assumed effective slab width acting as a flange in the analysis of
the T-section. Estimates of the flexural strength were made using
only beam rectangular section, the ACI effective width of 59 in. (in
compliance with ACI 318-77 Section 8.10.2), and the full slab width
of 157.5 in. as the effective flange of the T-section. The flexural
capacities are listed in Table 2.3.

The assumed effective slab width had only a small effect on
calculated positive moment flexural capacity (slab in compression and
bottom steel in tension), which was controlled by area and strength
of the bottom longitudinal beam steel. For negative moment (slab in
tension), however, the area of the tension steel increased with the
assumed effective flange width due to the addition of slab steel in
the tension zone. This resulted in a wide range of moment capacities
depending on the assumed effective width. The concrete strength did
not significantly affect computed flexural behavior, and hence only
the representative moment-curvature relationships for the prototype
and the modified specimen are given in Figs. 2.40 and 2.41,

respectively.

2.10.3 Beam Torsional Strength. Torque-twist relationships,

for the transverse beam, shown in Fig. 2.42, were computed using the
diagonal compression field theory [11]. In this approach, only the
post-cracking response of a reinforced concrete section is
determined. Elastic analysis was used to compute the cracking torque

and twist. These computations did not consider any contribution from
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TABLE 2.3 Flexural Capacity

Myield' k-in. Muits k=in.

Beam Beam

Only ACI Full Only ACI Full
Slab in Tension
Int Prot@ 1200 2000 4200 1635 2485 4380
Ext Protb 1195 2000 4150 1615 2460 4320
Int Mod® 3200 4120 6040 3535 4380 6490
Ext Modd 3245 4150 6720 3625 4515 6765
Slab in Compression
Int Prot 850 910 975 1200 1810 2220
Ext Prot 855 915 975 1195 1805 2215
Int Mod 2080 225 2360 2405 3335 4025
Ext Mod 2100 2260 2380 2465 3480 4100
@ Interior Prototype € Interior Modified

Exterior Prototype d Exterior Modified
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the slab. The torsional capacities at cracking, yielding of
transverse reinforcement, and ultimate are given in Table 2.4.

To facilitate testing it was decided to impose no axial load
on the columns. The ratio of nominal column-to-beam flexural
capacities, a critical design consideration in seismic zones, was
between 2.36 and 1.01 for the prototype interior and between 1.77 and
1.00 for the modified interior. The ratios are much larger, and
hence less critical, for the exterior joints. The range of values
results from the assumptions made for the width of the slab acting as
a flange. Most codes {1,2,9,13] require that the sum of the moment
strengths of the column exceed the sum of the moment strengths of the
beam. A ratio of column-to-beam ultimate moment capacities greater
than unity is required to prevent column hinging and to ensure beam
hinging. In seismic-resistant structures, such a behavior is ideal
for energy dissipation and prevention of a column sidesway mechanism,
Underestimating the effectiveness of the slab would result in
overestimating (unconservative) the available ratios of column-to-
beam moment capacities. These ratios were computed using the actual
material properties. Using nominal material strengths, the values
available at design stage, the ratios could be different depending on

the difference between the assumed and actual material strengths,

especially steel strengths.



TABLE 2.4 Predicted Torsional Capacities
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Prototype: T, in.-k Modified: T, in.-k
Interior Exterior Interior Exterior
Cracking 205 205 205 185
Yielding of 380 375 430 460
stirrips
Ultimate 450 450 455 510




CHAPTER ITII
TEST RESULTS AND BEHAVIOR

3.1 Introduction

Results and observations from the tests on the four specimens
are presented and discussed. The specimens were instrumented with
strain gages and deformation transducers. Photographs were taken
before, during, and after the tests to document the crack patterns
and the general behavior of the specimens.

In this chapter, the overall behavior of the specimens will
be discussed. Specific attention will be given to load versus
deflection behavior, crack patterns, joint shear and anchorage
performance. A critical discussion of the influence of the slab on
the strength of the floor system and on the joint response will be

provided in Chapter IV.

3.2 Load History

Each of the beam-column joint assemblages was subjected to
uniaxial, reversed cyclic loads. The selected load histories,
deflections applied at the longitudinal beam ends, represented
equivalent interstory drifts measured at the second level of the
seven-story structure [12]. It was not feasible to duplicate the
loading sequence used in the seven-story structure tests. Load

histories for the seven-story structure were based on recorded
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earthquake motions modified to excite primarily a first-mode response
of the structure. A displacement record based on ground motion would
be difficult to reproduce in component tests. Therefore, selected
peak deflection levels, which increased as testing continued, were
used. All the specimens were tested to failure. A deflection level
of about 1.2 in. at the beam ends to correspond to the maximum
deflection level achieved during PSD4 was estimated in the seven-
story structure tests based on its overall drift. (PSD4 is the
pseudodynamic test performed on the seven-story structure., The
pseudodynamic test was actually what is commonly known as the quasi-
static test. In this test, the largest lateral displacements were
applied to the seven-story structure.) A maximum beam end deflection
of 4.8 in., about four times the maximum deflection level in PSD4,
was imposed on each of the four specimens, This would correspond to
a lateral drift of 5 percent; a very high lateral drift for real
structures.

The applied load histories for the specimens were discussed
in Chapter II (Figs. 2.37 and 2.38). A number of small deflection
level cycles were applied prior to applying a higher peak deflection.
At each peak deflection level the specimen was subjected to three
full cycles. For the sake of clarity, only the first cycles at each
deflection level are plotted and discussed. The first cycles at each

higher deflection level are representative of the performance of the

specimens.
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3.2.1 Load Stage Nomenclature. The critical load stages in

the load history are identified by the descriptive symbols shown in
Figs. 2.37 and 2.38. The prefix letters D and U indicate the direc-
tion downward and upward, respectively, of the displacement of the
west end of the longitudinal beam. The magnitude of the displacement
in inches is shown by the number following the letter. For example,
D1.2 indicates the load stage at which the west end of the longitudi-
nal beam was displaced 1.2 in. downward for the first time in the
loading sequence. At load stage U2.4, an upward displacement of 2.4
in. was imposed on the west end of the longitudinal beam for the
first time in the loading sequence.

3.3 Interior Prototype

The interior prototype was the first specimen tested. As
equal deflections were applied at the ends of the east and the west
beam, the behavior of the west portion of the specimen for downward
west end deflection was nearly the same as the behavior of the east
portion of the specimen when downward east end deflection was
applied. Hence, only the behavior of the west portion of the
specimen is discussed for the interior joint specimens.

Two minor problems developed during the testing of this
specimen. During pilot testing of the specimen, slip, or horizontal
movement, of the top and bottom pins in the reaction assembly was
detected as the specimen was loaded. The slip nearly stopped when
the pins became seated. The slip gradually increased at higher load

levels due to the bending of the pin. The movement of the column at
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the rins was monitored by potentiometers and a correction as calcu-
lated in Fig. 3.1 was applied to the deflections. A more
sophisticated connection was employed in testing the other three
specimens (discussed in Section 2.6.2) and the slip problem was not
encountered.

The other problem was regarding the loading system. An
improper connection of the hydraulic lines resulted in application of
equal loads, rather than the desired equal deflections, at either end
of the longitudinal beam. The problem was discovered at load stage P
shown in Fig. 2.37, and the specimen was unloaded immediately. The
test was then continued with proper loading connections. A substan-
tially large upward displacement of 2.4 in., instead of 1.2 in., was
inadvertently applied to the east beam due to this problem. The
damage appeared to be minimal and was confined to the tension zone of
the east beam. The damage to the specimen was not extensive and was
not considered to significantly affect further test results.

The west beam load versus beam end deflection response for
the first peak cycles of the interior prototype specimen is shown in
Fig. 3.2. The response of the specimen was generally elastic up to a
deflection level of 0.2 in., when a few short flexural cracks were
observed.

Well-defined flexural cracking of the longitudinal beam was
observed at UO.M4. Two cracks, extending about 7-8 in., into the beam
were located at approximately 6 in. and 20 in. from the column face,

The initial flexural cracking in the top of the slab occurred at the
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column face and extended about 20-25 in. from the longitudinal beam
at load stage DO.4. The initial flexural cracking led to a small
loss of stiffness and formation of a small hysteresis loop in the
load-deflection curve, as can be seen in Fig. 3.2.

Flexural cracks extended and additional cracks formed at a
deflection of 0.6 in. At D0.6, a new crack formed on the top surface
of the slab, about 15 in. from the column face and extended nearly
the full width of the slab (see Fig. 3.3). Previously formed cracks
on the top surface of the slab at the column face propagated to the
edge of the slab. Under negative moment, flexural cracking
penetrated to the bottom surface of the slab. Two cracks 10-15 in.
from the column face parallel to the transverse beam, extending about
24-30 in. on either side of the longitudinal beam were noted at DO0.6
(see Fig. 3.4). New flexural cracks were formed at U0.6 in the
longitudinal beam. A small reduction in the stiffness of the
specimen at 0.6-in. deflection can be seen in Fig. 3.2.

Initial torsional cracking in the transverse beam was
observed at load stage D1.2, in the form of two parallel cracks
inclined at about 30° to the horizontal and within a distance of
about 10 in. from the column (see Fig. 3.5). The resulting loss of
torsional stiffness of the transverse beam can be seen in Fig. 3.6,
Cracks were also detected on the top of the transverse beam near the
column face.

A new crack about 3540 in. from the column face was formed

at the top surface of the slab. This crack extended parallel to the



Fig. 3.4

Bottom of slab and longitudinal beam at DO.6,
interior prototype
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Fig. 3.5 Torsional cracks in transverse beam, interior prototype
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Fig. 3.6 Beam load versus torsional rotation, interior prototype
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transverse beam near the longitudinal beam, as the crack extended
towards the edge of the slab it turned diagonally towards the load
point. This semicircular crack pattern around the load point was
observed in all the tests (see Fig. 3.7). A similar semicircular
crack was also formed at the bottom surface of the slab at the same
load stage. These punching shear-type cracks resulted from the
transfer of high shear from the loading point into the slab.

The flexural cracks on the bottom surface of the slab near
the column are shown in Fig. 3.8. The top longitudinal beam steel
yielded at D1.2. This resulted in a pronounced break in the load-
deflection curve. Widening and propagation of flexural cracks in the
longitudinal beam was observed at Ul.2. At load stage Ut.2 yielding
of the bottom beam steel was noted. The load-deflection curve from
D1.2 to U1.2 shows a considerable loss of stiffness after passing
through zero load. This is likely due to the fact that cracks which
opened at D1.2 were not fully closed when U1.2 was reached. The
bottom steel was unable to develop sufficient tension to yield the
steel in compression and to close the cracks.

Vertical cracks, located about 24 in. from the column face
and extending the full depth of the transverse beam were formed on
the west face at load stage D2.4 (see Fig. 3.9). Similar vertical
cracks were observed in the transverse beams of all four specimens.
Since such cracks were not noticed in the seven-story structure,
there is a reason to believe that the cracks may have been formed in

the test specimens due to the specific displacement constraints and
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Fig. 3.7 Cracks around the load point
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Fig. 3.9 Vertical cracks in transverse beam at D2.4,
interior prototype
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the loading scheme. The downward deflection of the west beam results
in a horizontal force being applied to the transverse beam along its
length. This horizontal force is introduced into the transverse beam
through the longitudinal beam and the slab. The stiffer, uncracked
edges of the slab offer considerable resistance to the horizontal
movement of the transverse beam, whereas severely cracked portion of
the slab near the joint offers very little resistance to horizontal
movement. This differential resistance along the length results in
flexural bending of the transverse beam in the horizontal plane,
convex towards the west, producing tension and subsequently cracking

on the west face.

Severe torsional distress was observed in the transverse beam
at load stage D2.4. This resulted in large torsional rotations of
the transverse beam (see Fig. 3.6). No new major cracks formed in
the slab, but the existing cracks widened. A view of the top of the
slab at load stage D2.4 is shown in Fig. 3.10. Shear cracks formed
as continuations of the bottom slab cracks and penetrated nearly 2/3
the depth of the longitudinal beam (see Fig. 3.11). Shear cracking
produced pinching of the load-deflection hysteresis loop. Crushing
and spalling of concrete occurred in the longitudinal beam near the
column face. At load stage U2.4 a wide separation was observed
between longitudinal beam and the column. Peak beam end load of 18.4

kips was recorded at U2.4 under positive bending (slab in

compression).



Fig. 3.10 Top of slab at D2.4, interior prototype
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Longitudinal beam at D2.4, interior prototype
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Deflections of 3.6 in. produced little new cracking, except
for additional torsional cracks near the column in the transverse
beam. The previous cracks widened and extended. Crushing and spal-
ling of concrete in the column corner between the beams and on the
bottom face of the longitudinal beam was observed. Figure 3.12 shows
the joint region at the end of the test., A peak beam end load of
42.2 kips was recorded at load stage D3.6 (slab in tension). In the
cycle from U2.4 to D3.6, pinching near the origin of the load-
deflection curve can be seen. The loss of stiffness is due to the
extensive cracking and yielding of beams at deflections of 2.4 in,

Higher deflection levels caused losses in negative moment
capacity, probably due to loss of bond of tensile reinforcement due
to cycling. Flexural hinges were formed in the west and the east
longitudinal beam as evidenced by the flexural cracking in the beam
and the slab and the yielding of the longitudinal reinforcement in
both the beams and the slab. The controlling failure mechanism was

thus the flexural hinging of the longitudinal beams.

3.4 Exterior Prototype

The beam end load versus the beam end deflection response for
the exterior prototype specimen is shown in Fig. 3.13. The behavior
of the specimen was elastic up to a deflection level of 0.1 in. &and
no cracking was observed.

The first flexural cracks in the longitudinal beém were

observed at U0.25. These vertical flexural cracks extended nearly 3/4
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of the depth of the beam from the bottom towards the slab. A
downward deflection of 0.25 in. in the west beam produced initial
cracking in the transverse beam and in the slab. Slab flexural
cracking extended about 50-60 in. on either side of the longitudinal
beam and parallel to the transverse beam. A crack at the same
Jocation but on the bottom surface of the slab also appeared at this
load stage. This crack, however, extended only about 25-30 in. on
either side of the longitudinal beam The first torsional cracks were
formed on the east face of the transverse beam very close to the
column face. This cracking did not significantly change the
stiffness of the specimen but some non-linearity was observed (see
Fig. 3.13).

At the next peak cycle of 0.5 in. beam end deflection level,
considerable cracking was observed., New flexural cracks appeared on
the longitudinal beam. Several flexural cracks appeared on the top
of the slab at D0.5 (Fig. 3.14), and extended nearly the full width
of the slab. A diagonal crack was detected at the top of the slab
starting at the column edge and extending away from the longitudinal
beam (zee Fig. 3.14). The bottom of the slab also showed new cracks
which extended into the longitudinal beam as diagonal cracks inclined
towards the column. Flexural cracking of the beam and the slab led
to a significant reduction in stiffness {widening of the hysteresis
loop), as shown in Fig. 3.13.

At load stage Db.75 torsional cracking of the transverse beam

was observed (Fig. 3.15). Diagonal cracks appeared on the east face
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Fig. 3.15 Torsional cracks in transverse beam at DO0.75,
exterior prototype
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of the transverse beam about 8-10 in. from the column. These diag-
onal cracks were at an angle of about 30° with the vertical. At this
deflection level, vertical cracks were observed on the west face of
the transverse beam, about 10-15 in. on either side of the colunmnn,
extending through the full depth of the beam, (see Fig. 3.18, which
shows the cracks at a later stage). This cracking of the transverse
beam resulted in a reduction in stiffness of the transverse beam,
seen on the load versus torsional rotation curve (Fig. 3.16). No
significant new cracks were formed in the slab but the previous
cracks widened. A marked stiffness deterioration was observed in the
load-versus-deflection curve. The load-deflection curve also showed
slight pinching of the for the first time.

Longitudinal beam bars yielded at a deflection level of about
1.2 in. The crack pattern in the longitudinal beam at Ut.2 is shown
in Fig. 3.17. Not all of the top longitudinal beam bars yielded at
this stage. Some slip of the beam bars was detected. Although there
was no new major cracking of the slab at D1.2, the existing cracks
extended and widened. This led to the loss of stiffness indicated in
the load-deflection curve. Torsional cracking on the transverse beam
was observed 3s seen in Fig. 3.18.

Some hysteresis, with piﬁching near the origin, characterized
the load-displacement curves at a deflection level of 1.2 in. The
specimen reached a peak load of 28.1 kips at this deflection level
under negative moment and 23.3 kips under positive moment. Anchorage

controlled the response of this specimen. The ultimate negative
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Fig, 3.16 Beam load versus torsional rotation, exterior prototype

Fig. 3.17 Longitudinal beam at U1.2, exterior prototype
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moment capacity of the exterior specimen was about 2/3 of that
attained by the interior prototype (see Fig. 3.13). In Fig. 3.19,
the strains in the top longitudinal beam bar are compared for the
interior and exterior prototype specimens. The figure clearly indi-
cates that the stress in the longitudinal beam bars in the exterior
specimen was not increasing as deflections increased. An examination
of the concrete in the joint area indicated that the cover was ade-
quate and that good compaction of the concrete had been achieved. A
plot of longitudinal beam bar slip versus the beam end deflection for
the two specimens shown in Fig. 3.20 amplifies the conclusions
regarding an anchorage failure.

Due to the loss of anchorage of the longitudinal beam bars,
the main element transferring load at this level (D2.4) was the slab.
The role of the slab was reflected by the opening of several new
cracks at the top and bottom faces of the slab (see Figs. 3.21 and
3.22). Several new torsional cracks were formed, indicating the high
torsion introduced into the transverse beam by the slab. Large
torsional rotations were recorded as the cracks formed (see Fig.
3.16). Fairly evenly-spaced vertical cracks, extending a distance of
about 3 ft on either side of the column, were present on the west
face of the transverse beam. The west face was also cracked
diagonally near the column. The cracks were about 30-40 deg from the
vertical. Severe torsional distress was evident at this stage in the
form of several closely spaced diagonal cracks on the east face of

the transverse beam (Fig. 3.23). A large diagonal crack formed on
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Fig. 3.21 Top of slab at D2.4, exterior prototype

Fig. 3.22 Bottom of slab at D2.4, exterior prototype
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the east face on either side of the column inclined at an angle of

30-60 deg from the vertical.

At higher deflection levels a large separation formed between
the longitudinal beam and the slab. Crushing of concrete was
observed at the longitudinal beam and column intersection during the
upward excursion of the beam, as the concrete strains in the top
fiber increased due to large imposed deformations. Concrete spalling
was evident on the east face of the transverse beam, about 30-36 in.
from the column face. A loss of load carrying capacity was recorded
in cycles past a deflection level of 2.4 in. and severe pinching of
the load deflection curve was noted as a result of the extensive
torsional cracking of the transverse beam and failure of the
anchorage for the longitudinal beam reinforcement.

The concrete cover at the back of the column was removed
easily with a hammer at a deflection level of 3.6 in. Slip of the
longitudinal beam bars could be seen when the specimen was cycled
(see Fig. 3.24). The movement of the hooked bars towards the back
face caused spalling and outward deformation of the transverse steel

through the joint.

3.5 Modified Interior

Curves of the west beam load versus the beam end deflection
at the first peak cycles are shown in Fig. 3.25. As mentioned in the
discussion on the prototype interior specimen, only the west beam

behavior will be discussed; the east beam behaved in a similar



Fig.

Transverse beam

Fig. 3.24 Back of column at end of test, exterior prototype
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manner. The response of the specimen was fully elastic at deflection
levels less than 0.25 in.

At a deflection level of 0.5 in., flexural cracking
initiated in the longitudinal beam and slab. Flexural cracks,
extending about 1/2 to 3/4 of the depth of the longitudinal beam,
were first formed at a load stage U0.5. These cracks were fairly
uniformly distributed and occurred within a distance of 30-36 in.
from the column face. Flexural cracks, extending nearly across the
width of the slab and located at about 8 in. and 18 in. from the
column face, formed on the top surface of the slab at load stage
D0.5. The bottom surface of the slab also showed a flexural crack
extending about 20-24 in. on either side of the longitudinal beam and
located at about 8 in. from the column face. Very little loss in
stiffness was observed at cycles up to 0.5 in. deflection.

Two short torsional cracks, about 3 to 4 in. long, formed on
the west face of the transverse beam at load stage U0.75. Flexural
cracks in the longitudinal beam propagated to the full depth of the
beam (see Fig. 3.26). A few new flexural cracks were also formed in
the longitudinal beam at U0.75. The flexural crack at the bottom of
the slab propagated to half the width of the slab at D0.75 (see Fig.
3.27). A crack was formed at D0.75 on the top surface of the slab,
originating about 30-36 in. from the column face and running parallel
to the transverse beam near the longitudinal beam and then turning
diagonally towards the load point. This crack extended to within 12

in. from the edge of the slab. A corresponding crack also formed at
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Fig. 3.26 Longitudinal beam at U0.75, interior modified

Fig. 3.27 Bottom of slab at D0.75, interior modified
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D0.75 on the bottom surface of the slab but not extending as far
towards the edge of the slab. Shear-type cracks were a result of the
transfer of large shear to the slab from the loading plate. Load-
deflection response was not significantly different from that of the
previous deflection level.

The deflection level of 1.2 in. was marked by yielding of the
longitudinal beam bottom steel. Flexural cracking at stage U1.2
extended over a wide area in the longitudinal beam, with most of the
cracks extending the full depth of the beam. Some of the flexural
cracks turned away from the column, near the bottom of the beam, to
form shear cracks. Diagonal cracks ncar the column face on the west
side of the transverse beam also formed at U1.2. At load stage D1.2,
new flexural cracks opened on the top surface of the slab. A few
diagonal cracks on the top of the transverse beam were formed.
Cracks radiating towards the loading point also formed at the top
surface of the slab. The bottom surface of the slab showed new
flexural cracks close to the column and semicircular cracks
surrounding the loading point. The first major torsional cracking of
the transverse beam occurred at this stage in the form of diagonal
cracks within 10 in. from the column face. These cracks were
inclined up and away from the column on the west side and down and
away from the column on the east side. This resulted in large loss
of torsional stiffness of the transverse beam (see Fig. 3.28). The

first significant loss of stiffness occurred at 1.2=-in. deflection.
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The deflection level of 2.4 in. was characterized by a marked
loss of stiffness in the load-deflection curve. The top longitudinal
beam steel yielded at D2.4. A wide crack was formed at the top of
the slab near the intersection with the column. Regularly spaced
cracks formed on the top of the slab. The cracks were closely spaced
near the column. The cracks away from the column turned diagonally
towards the loading point. Corresponding cracks also formed on the
bottom face of the slab. The diagonal cracks near the column in the
transverse beam propagated the full depth of the transverse beam.
Extensive cracking of the transverse beam resulted in large torsional
rotations (see Fig. 3.28). A peak load of 34.3 kips was recorded at
U2.4 (slab in compression).

A peak beam loac of 63.7 kips was achieved at load stage D3.6
(slab in tension). Spalling and cracking of concrete at the top
(U3.6) and at the bottom (D3.6) was observed at a deflection level of
3.6 in. No major new cracks formed in the slab or in the
longitudinal beam, but extensive widening and propagating of existing
cracks occurred at this deflection level., Vertical cracks located at
about 20-25 in. from the column face appeared at D3.6 on the west
face of the transverse beam. Large torsional rotations of the
transverse beam indicated a severe loss of torsional stiffness.
Significant pinching of the load-deflection curve occurred at this
deflection level. Figures 3.29 and 3.30 show different views of the

specimen in the vicinity of the joint at the end of the test.



Fig.

-t

3.29 View of beams at end of test, interior modified

Fig. 3.30 View of joint region at end of test,

104

interior modified
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Stiffness degradation and pinching of the load-deflection
curve resulted when the specimen was cycled further. A loss of load
was recorded in both directions. The failure of the specimen was

caused by flexural hinging of the longitudinal beam and the slab.

3.6 Modified Exterior

The west beam load versus deflection curve for the first peak
cycles for the modified exterior specimen is shown in Fig. 3.31. The
behavior of the specimen was elastic up to a deflection level of O0.1.
in. The initial flexural cracking in the longitudinal beam was
observed at deflection level U0.25. A flexural crack on the top
surface of the slab, running parallel to the transverse beam,
initially formed at load stage D0.25. The flexural crack in the slab
extended only about 24 in, on either side of the longitudinal beam
This minor cracking resulted in a very small loss in stiffness in the
load-deflection curve.

Significant cracking of tﬁe longitudinal beam and the slab
was first observed at a deflection level of 0.5 in. Cracks formed at
the top surface of the slab at a fairly regular spacing within a
distance of about 30-36 in. from the column face. These cracks,
running parallel to the transverse beam, extended nearly across the
full width of the slab. A flexural crack on the bottom surface of
the slab also formed at D0.5. This crack continued about 3 in. down
into the longitudinal beam. The longitudinal beam developed

regularly spaced flexural cracks at load stage U0.5. Due to this
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cracking, a small loss in stiffness was noted in the load-deflection
curve.

Initial torsional cracking was observed at a deflection level
of 0.75 in. From this stage onward a gradual loss in the torsional
stiffness of the transverse beam was evident from the load versus
torsional rotation plots (see Fig. 3.32). The diagonal cracks on the
east face of the transverse beam were restricted to a zone about 6-12
in. from the column face. Cracks formed on the top of the transverse
beam near its intersection with the slab. Torsional cracking was
also apparent on the top of the transverse beam. The bottom surface
of the slab showed cracking both in the upward and downward excur-
sions of the longitudinal beam. At DO.75 flexural cracks formed in
the bottom of the slab to a point nearly 40-50 in. from the column
face.

A separation crack between the transverse beam and the slab
formed at load stage U1.2. Flexural cracking at the bottom of the
slab was also detected at load stage U1.2 (see Fig. 3.33). These
cracks extended parallel to the transverse beam and all the way to
the edge of the slab. Vertical flexural cracks, extending through
the depth of the longitudinal beam, formed along the longitudinal
beam for a distance about 70 in., from the column face (see Fig.
3.34). The bottom steel in the longitudinal beam yielded at load
stage U1.2. Evenly spaced flexural cracks, extending to the edge of
the slab, were observed at load stage D1.2 (see Fig. 3.35). Diagonal

cracks also formed at the top of the transverse beam. The west face
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Fig. 3.34 Longitudinal beam at U1.2, exterior modified

Fig. 3.35 Top of slab at D1.2, exterior modified



110

of the transverse beam experienced initial cracking at D1.2.
Torsional cracks extending diagonally on the transverse beam near the
column were detected. In addition, vertical cracks on either side of
the column about 24 in. from the column face and extending through
the full depth of the transverse beam formed on the west face of the
transverse beam (see Fig. 3.36). Few new torsional cracks opened up
on the east face of the transverse beam (see Fig. 3.37). The load-
deflection curve showed a small degradation of stiffness and a sig~
nificant widening of the hysteresis loop.

The excursion of the specimen to a deflection level of 2.4
in. resulted in yielding of the top longitudinal beam steel. The
flexural cracks in the longitudinal beam and the slab opened up and
became fairly wide. Additional torsional cracking was observed on
the transverse beam in the form of diagonal cracks near the column
and vertical cracks away from the column. Torsional cracking in the
modified exterior specimen was not as widespread and predominant as
that in the prototype exterior specimen at this deflection level.
The yielding of the longitudinal beam steel and widening of the
cracks led to a wide hysteresis loop at this level. Deterioration in
stiffness can be observed. The torsional cracking resulted in severe
loss of torsional stiffness at this stage, as can be seen in Fig.
3.32. It is important to note at this stage that no pinching of the
load-deflection curve was observed at either this level or at higher
deflection levels. A peak beam load of 49.4 kips was recorded at

load stage U2.4 (slab in compression).
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Fig. 3.37 Transverse beam east face at D1.2, exterior modified.
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Additional torsional cracking of the transverse beam resulted
at load stage D3.6 on the east and west side and also on top of the
slab (see Fig. 3.38). A peak 1load of 60.5 kips was recorded at load
stage D3.6 (slab in tension). The load-deflection curve showed a
loss in stiffness. Separation of the longitudinal beam from the
column could be seen. The bottom beam bars were exposed at a deflec-
tion level of 4.8 (see Fig. 3.39) and a very small loss in load-
carrying capacity was observed.

No anchorage problems were encountered as in the exterior
prototype specimen. The addition of cross ties in the joint resulted
in excellent performance of the longitudinal beam and the specimen in

general.

3.7 General Behavior

The response of all four specimens to reversed cyeclic loading
was predominantly flexural. The mode of failure in the case of all
but the exterior prototype specimen was flexural hinging. Inelastic
behavior through beam hinging is desirable, since this provides a
mechanism for energy dissipation.

All four specimens showed stiffness degradation after
yielding of the longitudinal reinforcement. The load-deflection
curves also showed pinching near the origin, associated with flexure
and shear cracks in the beams and the bond problems thropgh the
joint. These problems, however, were encountered only at very large

deflection levels, corresponding to story drifts of 3-1/2 to 5
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Fig. 3.39 Joint region at end of test, exterior modified
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percent. The reduction in the load-carrying capacity at these high
deflection levels was of the order of 20 to 25 percent of peak
capacity for the prototype specimens and about 5 to 8 percent for the
modified specimens.

As mentioned previously, the specimens were subjected to
about four times the deflection levels of the seven-story structure.
A structure generally will not be called upon to perform well at
drift levels as high as 5 percent. The story drift level estimated
to correspond to the maximum deflection level achieved during PSD4 is
about 1.3 to 1.5 percent. The local deflection level depends on
several factors besides just the overall structure drift. The
behavior of the adjoining members is expected to alter the maximum
local deformation requirements. The level corresponding to PSD4 is
indicated on the load-deflection response of the specimens (see Figs.
3.2, 3.13, 3.25, and 3.31). The performance of all specimens up to
this level was excellent, and the behavior was governed by flexure,
The degradation in stiffness due to cycling was minimal. There was
no indication of shear or bond distress in or near the joint,and
very little evidence of serious torsional distress in the transverse
beam. The columns showed minor flexural cracking at this level.

The measured and the predicted loads for negative bending are
given in Table 3.1. The ultimate loads were significantly higher
than those predicted using the ACI effective flange width. The
problem of evaluating slab participation deserves special attention

and is discussed in detail in the next chapter. The exterior



TABLE 3.1 Comparison of Observed and Computed Flexural

Capacities, kip-in.
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Prototype Modified
Slab in Tension
Int. Ext. Int. Ext.
Measured Expt. Capacity 3635 2415 5480 5205
Computed Capacity:
Beam Only 1635 1615 3535 3625
ACI Effective Width 2485 2460 4380 4515
Full Width as Flange 4380 4340 6490 6765
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prototype specimen exhibited an anchorage failure and did not show

the same high strength as the other three specimens.

3.8 Anchorage

The ultimate load reached by the exterior prototype specimen
under negative moment (slab in tension) was about 2/3 of that
attained by the interior prototype. As explained earlier, the
controlling failure mode for the prototype exterior specimen was loss
of anchorage. In the modified exterior specimen, additional
crossties were previded through the joint, preventing an anchorage
failure in spite of increased reinforcement congestion and larger bar
diameter.

The hooks from the top longitudinal bars and from the bottom
longitudinal bars and the column bars formed a continuous steel
"yall™ at the far end of the column. The confinement provided by the
column transverse reinforcement was insufficient to prevent spalling,
resulting from movement of the hooked bars towards the back face of
the column, thus prying off the back cover. Congestion of the hooked
reinforcement and lack of sufficient transverse confinement resulted
in loss of anchorage of the longitudinal steel, even though an
anchorage length of 17.8 in. was available, much higher than the 10.2
in. required by ACI 318-83 Appendix A [3]. It should be mentioned
here that the beam bars were carried to the far end of the célumn, a

common U.S. practice, rather than being taken only to the center of



117

the joint, a recommended Japanese detail. If the Japanese detail had
been used, the available development length would have been only

about 9.8 in.

Although the behavior of the exterior prototype joint was
governed by anchorage failure, this occurred at high deflection
levels. This type of anchorage failure was not observed in the
seven-story structure. For deflection levels estimated to correspond
to the maximum deflection level imposed in the seven story structure
tests, the performance of the exterior prototype specimen was ade-
quate, although not excellent. There could be two primary reasons
why no anchorage failure was observed in the seven-story structure.
First, the deformation levels actually imposed on the beams were
smaller than those applied in the prototype test. Second, the
continuous multibay, multistory, highly redundant structure has the

ability to redistribute internal actions.

3.9 Joint Shear

Due to the large size of the columns, shear problems in the
joint were not anticipated, and none of the four specimens tested
showed any shear distress. Measured values of joint shear strain
were about of 2.5 x 10~3 radians up to deflection levels estimated to
correspond to the maximum deflection levels achieved in PSD4 (see
Fig. 3.40). The steady increase in positive shear strain and
decrease in negative shear strain at large deflection levels was

likely due to the high shears transferred to the joint as the
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resistance of the slab increased. The orientation of the shear
strain instrumentation may also have accounted for the difference in
positive and negative shear strain magnitudes. The maximum shear
strains were about 30 x 103 radians. The exterior modified specimen
which had additional joint confinement showed much smaller shear
strains (10 x 10~3 radians) than the other three specimens. Typical
column hoop strains indicated that the hoops in the center of the
joint were more severely strained than the hoops at the top and
bottom of the joint. The strains were mostly in the elastic range
and yielding, if at all, was observed only at very high deflection
levels.

Table 3.2 shows the shear stress in the joint at a level
corresponding to PSD4 and at the ultimate loads for the four
specimens tested. As mentioned earlier, the higher effectiveness of
the slab led to measured capacities larger than those predicted.
Hence, as a conservative estimate, measured rather than computed
capacities were used in computing the joint shear stress. It was
also assumed that the entire moment generated by the applied load was
effective in introducing shear in the joint. This assumption will
lead to an overestimation of the joint shear stress. In the interior
prototype specimen the maximum shear stress was about 12\/ﬁ§ whereas
at a level corresponding to PSD4 it was about 8~/ﬁ; In all cases,
the values were well below the ACI Committee 352 [3](or ACI 318-83

[2]) recommended limits for shear capacity of joints. An improper
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TABLE 3.2 Joint Shear Stresses

Joint Shear Stress, psi

Specimen at PSD4* Ultimate
Interior Prototype 8.1,/fé 11.5 /1
Exterior Prototype 4.8/f8 5.3/fL%*
Interior Modified 14.0,/fé 21,1,/{&
Exterior Modified 9.0,/fé 13.0‘Jfé

# Note: These values are computed from the observed exper-
imental loads at an equivalent drift level.

#¥* Anchorage failure.
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estimate of the slab influence could lead to serious underestimation

of the expected joint shear stress.

3.10 Comparisons of Crack Patterns Between Seven-
Story Structure and Slab-Beam-Column Assemblages

Due to the limitations of the data from the seven-story
structure, direct comparisons between test results from the seven-
story structure and the component tests were not possible. However,
the crack patterns between the seven-story structure and the proto-
type test specimens, especially regarding the slab participation, can
be compared as shown in Fig. 3.41. The crack patterns between the
two structures were very similar and hence it can be concluded that
the participation of the slab in the test specimens closely repre-
sented participation of the slab in a real continuous structure. It
should be noted, however, that the difference in the crack patterns
around the exterior joints are due to the presence of the spandrel

walls in the seven-story structure.
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CHAPTER IV

INFLUENCE OF THE SLAB ON FLOOR SYSTEM STRENGTH

4,1 Introduction

In monolithic construction the beam and the slab are
expected to act integrally. This interaction of the beam and the
slab is accounted for in the ACI code by effective width provisions.
The effective width provisions were intended to be applied for the
compression flange of the T-beam. Although the code does not
specifically state that these guidelines are for positive bending.
There are no specific recommendations to account for the contribution
of the slab when it acts as a tension flange. The need for guide-
lines to compute the negative bending capacity of a T-beam is thus
obvious. The guidelines for determining the effective width of slab

acting as a T-beam flange in the ACI 318-83 Code (clause 8.10.2)

state that

8.10.2--Width of slab effective as a T-beam flange shall not
exceed 1/4 the span length of the beam, and the effective
overhanging slab width on each side of the web shall not exceed:
{a) 8 times the slab thickness, or
(b) 1/2 the clear distance between the web.
The current guidelines for using a part of the slab to act
as a flange of the beam were intended for determining the positive

mement capacities of such T-sections. The requirements- of the

effective width of slab acting as a flange have remained unchanged

123
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since the Report of the 1924 Joint Committee on Standard Specifica-
tions for Concrete and Reinforced Concrete [10]. The provisions are
empirical but were based on tests of T-beams and elastic analysis
with shear lag approach. The references on these tests are not
available. In general, using the Code provisions for the flange
widths to compute flexural response will give a conservative esti-
mate of the positive moment capacity (slab in compression) of the
beam.

When the beam is subjected to a negative bending moment
(slab is in tension), some of the longitudinal slab steel will act
with the top longitudinal steel in the beam. The current Code
effective flange width specifications were not formulated to cover
this case of negative bending. Since the ACI code does not
specifically exclude the application of effective flange width
provisions to the tension flange, these provisions were assumed to be
valid even for the tension flange. The effective flange width
provisions were used to calculate the beam strengths for both
positive and negative bending. The measured negative moment
capacities were significantly greater than estimated using ACI
effective width recommendations.

It is necessary to determine accurately the contribution of
the slab to the moment capacity of a beam when designing structures
to resist seismic loads. Counting only the tensile capacity of the
reinforcement located in of the effective flange width as specified

by the ACI 318-83 Code in assessing the strength of the beam leads to
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an underestimation of the negative moment capacity, as can be seen
from the test results. In designing for static loads, such an ele~
ment overstrength would generally lead to a safer structure. How-
ever, in seismic design where deformations are imposed on the struc-
ture and the moment imposed on the column by the floor system is to
be determined, underestimation of beam strength is no longer con-
servative. The presence of elements with strengths greater than
accounted for in design may result in excessive strength and ductil-
ity demands on other elements. The behavior and the failure mech-
anism of the structure may differ from that desired or assumed in
design. Such differences may result in potentially serious damage to
the structure leading to local or general collapse conditions.

The test results relating to the contribution of the slab to
the flexural capacity of the floor system will be discussed., The

observed capacities will then be compared with predicted values.

4,2 Behavior of the Slab

The behavior of the floor system will be discussed in
resisting both positive moment (slab in compression) and negative
moment (slab in tension). The exterior prototype specimen exhibited
an anchorage failure and cannot be compared on the same basis as the
other three tests. The loss of bond of the longitudinal beam bars
resulted in the exterior prototype specimen failing before the

strength of the beam was realized. However, the general behavior of
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the slab system was essentially the same as in the other three

specimens.

4.,2.1 Crack Patterns. Typical crack patterns under negative

moments are shown in Figs.lh1 and 4.2, Flexural cracks on the top
surface of the slab were observed at very early load stages during
the downward excursion of the longitudinal beam (negative bending,
slab in tension). These cracks extended nearly the full width of the
slab even at fairly small displacements (D0.5 to D0.75). Correspond-
ing flexural cracks on the bottom surface of the slab also opened
across nearly 1/2 to 3/4 of the width of the slab. If the slab was
acting independently from the beam, its bottom surface would have
been in compression, and uncracked. This indicates that a substantial
portion of the longitudinal slab steel was acting in tension balan-
cing the compressive force in the web of the beam. Similar crack
patterns were observed in the seven-story structure as shown in Fig.
3.41,

Under the action of positive moments thé bottom surface of
the slab showed flexural cracks extending from the edge of the slab
towards the longitudinal beam for a distance of about 1/2 the slab
width, as shown in Fig. 4.3. This would indicate that under the
action of a positive moment the slab close to the beam was acting as
a compressive flange but portions of the slab further away were

acting as shallow flexural sections.

4.2.2 Steel Strains. The variation of the strain in a

typical longitudinal beam bar with the beam end deflection is shown



Fig. 4.1

Top of the Slab

Flexural cracks at top of slab under negative moment
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Bottom of the Slab
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Fig. 4.2 Flexural cracks at bottom of slab under negative moment
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Fig. 4.3 Flexural cracks at bottom of slab under positive moment
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in Fig. 4.4, Under negative bending moment, the top longitudinal
beam bar yielded at a deflection 1level of 1.2 in. (D1.2). A
substantial increase (about 20-25 percent) in the strength of the
beam was recorded after the yielding of beam steel. This increase in
the beam strength at higher deflection levels can be attributed to
the strain hardening of the steel and the added participation of the
slab as a flange of the T-beam. In Fig. 4.5 is shown the level of
strain in two top longitudinal slab bars. One bar is close to the
column (2 in., 5 cm), and the other is far from the column (58 in.,
145 cm). The steel close to the longitudinal beam yields at about
the same Qeflection level as the beam steel. At this deflection
level the strain in the slab steel 58 in. from the column face is
relatively small. At larger deflection levels (D3.6) the slab steel
58 in. from the column starts to show higher strains indicating a
large contribution of slab steel to load resistance. Thus, it may be
hypothesized that a£ low drift levels contribution of the slab to
lJoad resistance is small but, as deformations increase, the slab
participation in resisting moments becomes much more significant.
Figures 4.6 and 4.7 shows the variation of strain in the top
and bottom longitudinal slab steel, along the transverse beam, under
the action of negative moment for the interior modified specimen.
Slab steel strain profiles along the transverse beam for the other
three specimens under negative moment are shown in Figs. 4.8 through
4.10. Under negative moment, the top steel shows higher tensile

strain levels than the lower steel. At smaller deflection levels,
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steel close to the column shows much larger strains than the steel
further away. At early stages, the bottom steel close to the column
shows much larger strains than the bottom steel away from the column,
where strains are negligible. This would seem to indicate that at
small deflection levels, the slab close to the beam was acting
integrally with the beam whereas the slab away from the beam was
acting as a shallow flexural section. The variation in strains could
also result from the shear deformations in the flange, shear lag
reducing the strains as the distance of steel increases from the web.
At larger deflection levels even the bottom steel shows strains very
close to yield strains., This could result from the fact that these
bars experienced large strains when subjected to a positive moment in
the previous load stages (see Fig. U4.13) and had large residual
strains. Another explanation is that the load-resisting action of
the slab changed from the shallow slab section, uncoupled or
independent from the beam with a small lever arm and with compression
at the bottom, to an effective flange of the longitudinal T-beam or
coupled with the T-beam, with both the top and bottom slab steel
acting in tension (see Fig. 4.11). It is likely that both phenomena
contributed to the large bottom steel strains at large deflection
levels,

The variation of strain in the top and bottom slab steel
under positive moment for the interior modified specimen is shown in
Fig. 4.12 and 4.13. The variation of strain for the other three

specimens is shown in Figs. 4.14 and 4.16. The bottom steel shows
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larger strains than the top steel. At large.deflection levels the
bottom slab steel farther from the column shows larger strains than
steel close to the column because the part of the slab close to the
column is acting as a compression flange of the longitudinal beam
whereas the portions further away are acting independent from the

beam as shallow flexural sections.

4,3 Torsional Rotations of the Transverse Beam

A typical envelope of the beam load versus torsional rotation
of the transverse beam is shown in Fig. 4.17. The variation of the
torsional rotation at a distance equal to the effective depth away
from the column face and at the end of the beam for the exterior
prototype specimen is shown. This plot was typical of the relation-
ships between the torsional rotations at these two locations. The
plot shows that the torsional rotation at these two locations is
nearly the same at all deflection levels which means that relative
torsional rotation between these two locations is very small. The
torsional rotation is dependent on the torsion introduced into the
transverse beam which in turn is an indication of the participation
of the slab.

Most of the torsional distress in the transverse beam
occurred very close to the column, the zone of large torque in the
torque distribution diagram. After cracking, the transverse beam
lost most of its torsional stiffness. The exterior prototype

specimen, in which an anchorage failure occurred, showed the greatest
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torsional distress and provides an indication of the slab

participation.

4,4 Summary

The discussion of behavior of the joint specimens indicates
that there was a significant influence of the slab on the strength of
the beam. The magnitude of the participation of the slab as effec-
tive tension flange width is a function of the deformation level with
greater participation at larger deformations. The total flexural
capacity in the direction of loading could be hypothesized to be the
sum of the following two quantities: 1) the flexural strength of the
longitudinal beam acting as a T-beam with a portion of the slab
participating as the flange, and 2) the flexural strength of the
remainder of the slab, acting as an isolated shallow flexural sec-
tion. As shown in Fig. 4.11, the longitudinal slab steel within the
width of the slab acting as a flange of the longitudinal beam is
effective in resisting a large moment due to its larger effective
depth (d2). The slab steel outside this width acts with a small
lever arm (d1), thus resisting a much smaller moment. The question,
then, is to determine how much of the slab participates as the
tension flange of the longitudinal beam.

4.5 Comparison of Measured and
Predicted Beam Slab Flexural Capacities

The measured loads are compared with the "predicted" loads in

Table 4.1 for negative bending and in Table 4,2 for positive bending.



TABLE 4.1

Beam Strength-Negative Bending
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Moment in Kip-In.

Prototype Modified
Int. Ext, *# Int. Ext.

Measured (Expt) Capacity® 3635 24 15%# 5480 5205
Computed Capacity:

Beam only (A)%® 1635 1615 3535 3625

Beam only (A) +

slab (B) 2035 2015 4010 4130

ACI flange width

beam (C) 2485 2460 4380 4515

ACI flange beam (C)

+ slab (D) 2780 2755 4760 4895

Full flange width

beam (E) 4380 4340 6490 6760
Measured/Computed:

Beam + slab 1.79 1.20 1.37 1.27

ACI beam + slab 1.32 0.88 1.15 " 1.06

Full width beam 0.83 0.56 0.85 0.77

* Refer to Fig. 4.18
®#% Anchorage failure
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TABLE 4.2 Beam Strength-Positive Bending

Moment in Kip-In.

Prototype Modified
Int. Ext . *% Int. Ext.

Measured (Expt) Capacity 1580 2003 2950 4250
Computed Capacity:

Beam only (A)¥* 1200 1195 2405 2465

Beam only (A)

+ slab (B)¥* 1600 1595 2910 2970

ACI flange width

beam (C)* 1810 1805 3335 3480

ACI flange width

beam (C) + slab (D)* 2105 2100 3715 3860
Measured/Computed:

Beam only + slab 0.99 1.26 1.01 1.43

ACI beam + slab 0.75 0.95 0.79 1.1

Full width beam 0.71 0.90 0.73 1.04

%  Refer to Fig. 4.19
#% pAnchorage failure
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The exterior prototype specimen exhibited an anchorage failure and
cannot be compared on the same basis as the other three tests. The
assumptions involved in predicting the moment capacities are
presented below.

Both the positive and the negative flexural capacities of the
longitudinal beam were computed for three different assumed flange
widths. Estimates of the flexural strength were made using only the
beam rectangular section, the ACI compression flange effective width
of 59 in. was also assumed valid for the tension width and the full
slab width of 157.5 in., as effective flange (see Sec., 2.10.2, "Mem-
ber Strengths"). It was assumed that the part of the slab not acting
as the flange of the longitudinal beam reached and maintained its
maximum capacity as a shallow slab until the specimen reached its
maximum moment capacity. This hypothesis leads to an upperbound to
the actual flexural capacity. It is apparent that the full capacity
of the shallow slab section will not be reached simultaneously with
the longitudinal beam. Even after the longitudinal beam has reached
its ultimate capacity and initiated redistribution of internal
forces, a complete redistribution resulting in all the flexural
members reaching their maximum capacities may not be accomplished,
But it is certainly a conservative assumption which results in over-
estimation of the available strength. The strength of the specimen
was also computed as the sum of the capacity of the beam (with the

assumed flange width) and the nominal capacity of the remaining slab.
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Figure 4.18 shows the comparative strengths, computed using the
actual material properties.

The measured capacities are obtained as a product of the
measured beam end load and the distance between the point of
application of the load and the column face. This implies that the
comparisons between the measured and predicted capacities are made at
the column face. Measured capacity would be slightly higher (2-3
percent) if comparison is made at the intersection of the slab with
the transverse beam.

Ratios of measured capacity to that predicted using the
reinforcement within the ACI effective flange width, for the case of
negative bending, shows that use of ACI effective flange width
results in underestimation of the strength over a range of 6 percent
(exterior modified) to 32 percent (interior prototype). The
assumption that the full slab width acts as a tensile flange results
in a severe (18 to 30 percent) overestimation of the available
strength, Thus, it appears that a greater slab width than that
prescribed by ACI was effective (in these tests) as the negative
flange of the T-beam at ultimate. The need for realistic guidelines
to compute the negative bending moment capacity of the floor system
is obvious.

Under positive bending (Table 4.2), the ratios of measured
capacity to that predicted using ACI effective flange width pro-
visions, show that the ACI estimate is fairly accurate (within 5

percent) for the exterior joint specimens, but overestimates the



146

qusuwow aATje8su *‘y33usdqs J00TJ UO QEBTS JO 8duanTJui QL°f 314

ur-diy ‘INIWOW
000Z ooow ooom 000b 000€ 0002 0001
1 ] 1 i

mo_mu»xu _.

HOI¥3LNI

NOILD3S TIn4 H\\\\\\\\\\\\\\\\\\\\\\\\\\\\\\\ Z

(or'e'29s) gig 1av|

SNOI11923S AINO Wv3g z-.i. Sgseass
aG3INNSSY

e Salesesso:
e e e L D2

Q3¥NSv3N

a310dWNOD

SSszascaRaseicaEansiaisisssisy|

7/

HL1QIM 39NV 3ALLD3443 SY 8VY1IS T1nd

—l

HL1GIM 39NV

EFERFIY

e et et et et et ettt
STazesastsosieoetses
selelelaleleleleedel

\H& AINO Wv3g | ]

AINO HLAIM
38 8vis 1nd

INIWOW 3JAILVO3IN
SZILIDVdVO Q3HNSVIW ANV d31NdWOD
HIONIHYLS Wvig NO dgviS 40 3JININTSNI

a34NSvan

a34ndNod



147

strength by about 25 percent (modified specimen) to 33 percent (pro-
totype specimen) for the interior specimens, Figure 4.19 shows the
comparative strengths computed using actual material properties. The
beam load versus beam end deflection envelopes for the four specimens
(see Fig. 4.20) show that exterior joints were much stronger in
positive bending (slab in compression) than the interior joint speci-
mens. For the interior joint, a positive moment on one side is also
accompanied by a larger negative moment on the other side of the
joint. The negative moment induces large tension in the the beam
steel and the slab steel. Due to factors such as bond deterioration
and slip of this reinforcement, the "compression steel" in the posi-
tive bending direction may actually be in tension. The strain obser-
vations for longitudinal beam and slab bars confirm this hypothesis.
Tension in "compression steel" would result in a reduction of the
lever arm and thus a reduction in the strength,

The increased participation of the slab is a function of
deformation level. It is important to determine the slab
contribution at deformations much in excess of average story drift

jevels as local deformation levels could exceed average story drift

levels.

4,6 Relative Strength of Columns to Beams

4,6.1 Review of Current Code Procedures. In geneﬁal. the

code provisions for design of frame structures in seismic zones are

based on the development of plastic hinges in the beams rather than
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in the columns for two main reasons: 1) formation of column hinges
permits development of a single-story sidesway mechanism involving
relatively few hinges, and hence little energy dissipation, and 2)
column hinging threatens the integrity of vertical load resistance

mechanism of a frame structure,

In both the SEAOC [13] and the Uniform Building Code [9],

this is achieved by the following clause:

DESIGN LIMITATIONS: At any beam-column connection where Pu/A >
0.12 £ the total ultimate moment capacity of the column at he
de51gn earthquake axial load shall be greater than the total
ultimate capacity of the beams, along the principal planes at
that connection.

The SEAOC commentary for the clause reads:

The column at a joint which is providing the primary vertical
support for the structure (i.e., where P A, is greater than
0.12 f!) is required to have a greater total ultimate moment
capaclty than the beams at the beam-column connection. This is
to minimize the development of a single-story collapse
mechanism.

In comparing the ultimate capacities, it is not considered
necessary to correct for different & factors, differences
between specified and actual steel and concrete strengths, and
column strength reduction factors since these factors are
assumed to be self-compensating in the overall comparison.

In the ACI Code the clause dealing with the relative column
strength has been revised in the ACI 318-83 Appendix A. Clause A6.2

in ACI 318-77 [1] states:

At all beam-column connections, the sum of moment strengths of
columns at factored axial loads shall be greater than the sum of
the moment strengths of flexural members along each principal
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plane at that connection, unless the sum of moment strengths of
confined column cores is sufficient to resist applied factored
loads.

The revised ACI 318-83 (Clause A.4.2.2) [2] version states:

Al4,2--Minimum flexural strength of columns

A.4.2.1--Flexural strength of any column proportioned to resist
a factored axial compressive force exceeding (Agfg/10) shall
satisfy Section A.4.2.2 or A.4.2.3.

Lateral strength and stiffness of columns not satisfying Section
A.4.2.2 shall be ignored in determining the calculated strength
and stiffness of the structure but shall conform to Section A.8.

A4.2.2--The flexural strengths of the columns shall satisfy Eq.
(a.1)

Me > (6/5) Mg (a.1)

Mg = sum of moments, at the center of the joint, corresponding
to the design flexural strength of the columns framing into that
joint. Column flexural strength shall be calculated for the
factored axial force, consistent with the direction of the
lateral forces considered, resulting in the lowest flexural

strength.

M_ = sum of moments, at the center of the joint, corresponding
to éhe design flexural strengths of the girders framing into

that joint.

Flexural strengths shall be summed such that the column moments
oppose the beam moments. Eq. (A.1) shall be satisfied for beam
moments acting in both directions in the vertical plane of the
frame considered.
Unfortunately, the Code provisions will not prevent the
formation of hinges in the column. The column moments for earthquake

design are generally computed using the equivalent static load.

Under the application of this static load points of contraflexure
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generally exist close to the midpoints of all but the top and bottom
story columns. If the point of contraflexure in a column occurs away
from the mid height, when the structure resists an earthquake, then a
larger column capacity than that prescribed by clause A6.2 (ACI 318-
77) is required to prevent hinging in the columns. Earthquakes
generally will not act ﬁn the principal direction of a structure.
Biaxial bending can result in increasing the moments introduced by
the beams into the columns, resulting in column hinging. The code
does not indicate how biaxial bending can be accounted for. It is
beneficial to prevent formation of plastic hinges in the columns, but
under certain circumstances it may not be possible to avoid plastic
hinging of the columns.

The code provisions tacitly assumed that the flexural
capacities of the framing beams can be accurately determined. An
explanation of the relative beam-column strength clause in the
commentary of the ACI 318-77 code reads:

A.6.2 and A.6.3~-It is desirable to have plastic hinges form in
the beams rather than in the columns. The Code, therefore,

required that the moment strengths of the columns exceed those
of the beams at a connection except when special provisions are

made. . . .
Unfortunately, the contribution of the slab as 2 part of the flexural
member along the principal plane is not even mentioned in the commen-
tary. In the revised version (ACI 318-83) of the clause, the term
"flexural members" has been replaced by "girders.," This still does

not clarify how much of the slab should be considered as an integral
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part of the girder. Guidelines are needed to address the inclusion
of a portion of the slab as an integral part of the T-beam. The
necessity of ensuring a larger column strength is realized in the
318-83 Code by requiring that the sum of the strength of the columns
be at least 20 percent higher than the sum of the strength of the
girders.

The commentary to the SEAOC code considers understrength
factors self-compensating with other differences in calculating the
capacities of the beams and the columns. This could lead tc uncon-
servative designs if the actual materials used in the beams are
stronger than their nominal strengths. When computing the shear in
the joint, all three codes (ACI, SEAOC and UBC) require that the
forces at the joint faces be determined by assuming that flexural
tensile reinforcement is stressed to 1.25 fy to get an upper limit on
the shear stress in the joint. The fact that overstrength of flex-
ural steel is common is also realized. It therefore seems reasonable
to suggest that some kind of safety margin should be introduced in
the relative beam-column strength equations and the computation of
the various quantities involved in order to ensure that floor flex~

ural strength is not underestimated.

The lack of specific guidelines to compute the flexural

capacity of a T-beam with a tension flange is apparent. It is

necessary to incorporate a clause in the ACI code to handle a T-beam

with a tension flange.
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4.6.2 Comparison of Measured and Computed Relative Column

Capacities. Table 4.3 shows the ratios of the sum of the column
strengths (computed) to the sum of the beam strengths ( 1) measured,
ii) predicted using different flange width assumptions) for the
interior joint specimens. This consideration is not very critical
for the exterior joints as beam moments exist only on one side of the
column.

The measured ratios were all greater than one, Little dis-
tress was visible in the column and the behavior of the specimens was
excellent. Using only the capacity of the beam section in designing
the column would have resulted in underdesigning the column. The
strength ratios predicted by using the ACI effective width as a
flange of the beam section for both tension and compression flanges ,
and without consideration of the remaining slab, are 27 percent
(unconservative) higher than the observed ratios for the interior
prototype, and 11 percent higher (unconservative) for the interior
modified. The addition of the flexural capacity of the remaining
portion of the slab to the above T-beam capacity in computing the
total flexural strength in the principal plane results in a fairly
close but still unconservative solution. It is, therefore, important

to include the slab as a flexural member along the principal plane.

4.7 Need for Analytical Studies

Comparisons of test results with current design prbcedures

showed that current design procedures [1,2,9,13] do not adequately
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TABLE 4,3 Relative Strength of Column to Beams, Interior Specimens

PROTOTYPE INTERIOR MODIFIED INTERIOR

Predicted nominal

column capacity 3340 kip~-in. 5260 kip-in.
+ Ve - Ve Mo + Ve - Ve Me
Moment Moment — Moment Moment —1
kip-  kip- My kip-  kip- Mp
in. in. in, in,
Measured capacity 1580 3635 1.28 2950 5480 1.25
Computed:
Beam only (A) 1200 1635 2.36 2405 3535 1.77
ACI effective width as
flange (C) 1810 2485 1.55 3335 4380 1.36
Full width (E) 2220 4380 1.01 4025 6490 1.00
Beam only + slab (4 + B) 1600 2035 1.83 2910 K040  1.51

ACI flangebeam + slab (C + D) 2105 2780 1.37 3715 4760 1.24
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reflect actual behavior. It was not possible to suggest specific
design procedures based on experimental data and the simple analyti-
cal approach previously described. It was therefore necessary to
conduct detailed analytical studies to better understand the behavior
of the slab systems. A nonlinear finite element analysis was con-

ducted. Results from these analytical studies are presented in the

next chapter.



CHAPTER V

COMPARISON OF EXPERIMENTAL AND ANALYTICAL RESULTS

5.1 Introduction

The experimental results showed that under negative moment,
flexural capacities of the slab-beams of the specimens significantly
exceeded the capacities estimated using either the beam section alone
or the ACI effective width provisions. Under positive moment, the
flexural capacity of the slab system is not very sensitive to the
assumed effective width because for under-reinforced sections the
flexural capacity is governed by the amount of bottom longitudinal
beam steel.

Analytical studies were deemed necessary to better
understand some of the experimental results, to predict the behavior
of floor systems under lateral loads, and to develop design
guidelines. The two-part behavior of the slab hypothesized from
experimental results as the sum of 1) a certain width acting as
flange of the T-beam and 2) the remaining slab acting as a shallow
flexural section, needed analytical verification. Effective flange
widths of beams have usually been determined elastically for
compression flanges. However, the experimental results reported here
showed that behavior of the test specimens was quite different in the
inelastic versus elastic range. It was also observed that the level

of participation of the slab was a function of the drift level.

157
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Hence, an inelastic analysis which could closely represent the actual
behavior was necessary. The analytical investigation consisted of
elastic and inelastic finite element analyses of the test specimens,

Results from the analytical investigation are presented and
compared with experimental results. Based on these comparisons, a
method for computing the negative moment capacity of a reinforced

concrete slab system is presented.

5.2 Analytical Model

5.2.1 Objectives. The primary objective of the analysis
was to study the response of the slab-beam-—column connection under
lateral deformations. The specific objectives were:

1. to determine the interaction of the slab and the beam;

2. to determine the strength and stiffness of the beam-slab
system before and after cracking; and

3. to compare analytically predicted crack patterns with those
observed during testing.

5.2.2 Choice of Finite Element Program. The finite element

analysis was carried out using ABAQUS, a commercial finite element
package program distributed by Hibbitt, Karlsson & Sorenson, Inc,
[(6,7,8]. The program is capable of handling reinforced concrete
modeling including cracking in the concrete, yield of reinforcement

and post-cracking behavior.

It was originally proposed to use the program to determine

the entire load-deflection curves for the test specimens. However,
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the entire curve could not be determined from the nonlinear finite
element analysis. The version of the program available at the time
(version 4-5-22) had limitations in handling 1) yielding of
reinforcing steel, and 2) convergence at larger deflection levels
(see discussion in Appendix A). Analytical results were obtained up
to a beam end deflection of 0.7 in., corresponding to an average

story drift of about 0.8 percent.

5.3 Geometry

The specimen was symmetric about its centerline in the
direction of loading, both in terms of geometry and loading. Taking
advantage of this symmetry, only one-half of the specimen had to be
modeled, as shown in Fig. 5.1. Two types of elements, a three-node
curved beam in space (B32) and an eight-node shell with reduced
integration (S8R) were used. Both beam and shell elements had six
degrees of freedom at each node. The B32 beam element allows both
flexural, shearing and axial deformations, and was formulated using
Timoshenko beam theory. The shell element allows flexural, shearing
and in-plane axial deformations. Several integration points can be
assigned on both beam and shell sections, and element stiffnesses are
obtained by numerical integration.

The slab was discretized by a 3 x 6 mesh of eight-node shell
elements, shown in Fig. 5.2. Since streéses were expected to vary
sharply near the column, a finer grid with smaller size elements was

used there. The slab was divided into three elements in the
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transverse direction. The width of the first row of elements
represented half the column width; the second row of elements was as
wide as the depth of the longitudinal beam. Three rows of elements
were used on either side of the column in the longitudinal direction.
The length of the first row was nearly half the width of the
transverse beam. The length of the second row was equal to the depth
of the longitudinal beam. The thickness of the shell elements was
equal to the slab thickness. Two 1layers of longitudinal and
transverse slab reinforcement were specified at appropriate depths as
smeared steel layers.

The longitudinal beam was modeled as a stiffener attached to
the shell elements of the slab (Fig. 5.3). A rectangular beam sec-
tion with width equal to half the width of the longitudinal beam (due
to symmetry), and depth equal to that of the longitudinal beam was
used as a stiffener. The longitudinal beam steel was specified as
individual reinforcing bars in appropriate locations.

Since the beam elements warping torsion, nor of including
the effects of transverse reinforcement, the transverse beam was
nodeled as a Lube made of three vertical shell elements, connected at
the top by the horizontal shell elements of the slab, and at the
bottom by another set of horizontal shell elements (Fig. 5.4). The
sum of the thickness of the three vertical shell elements equaled the
width of the transverse beam. The thickness of the two vertical side
shell elements and the bottom shell elements was determined

considering the effective wall thickness for rectangular reinforced
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concrete sections under torsion [5]. The selected thickness of the
shell elements was greater than the effective wall thickness to
accommodate the transverse and the longitudinal steel in the outside
elements. The transverse steel and longitudinal steel in the
transverse beam were both specified as smeared layers of steel.

The column was modeled using rectangular beam elements with
steel specified as individual reinforcing bars. The width of the
column elements in the transverse direction was half the column
width (due to symmetry). The edge beams were modeled as stiffener
elements on the slab similar to the longitudinal beam (Fig. 5.3).

5.3.1 Boundary Conditions. The nodes of the middle column

element were connected to the shell elements at the top and bottom by
a rigid link to impose jdentical displacements and rotations. All
three translational degrees of freedom were constrained at the base
of the column. Similar restraint was provided at the top of the
column, with the exception that vertical translation was permitted.
In addition to these constraints, all nodes on the plane of symmetry
were constrained against out of plane displacement and rotations
about axes 1lying in that plane. These boundary conditions are shown

in Fig. 5.5.

5.3.2 Material Model. A single reinforced concrete model

was used for all but the shell elements lying in the joint region.
The slab and transverse beam elements lying within the joint region

were modeled with an elastic material having the initial stiffness of
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concrete., It was assumed that there was no cracking in the joint
region. However, the column and the longitudinal beam elements in
the joint region were modeled as reinforced concrete.

A nonlinear plain concrete material model was used for beam
and shell elements. Location, size and spacing of the reinforcement
were specified separately. The two materials, concrete and
reinforcing steel, were assumed to have compatible displacements but
their stresses were calculated separately, controlled by their own
material models. The concrete behavior following tensile cracking
was modeled by the "tension-stiffening" technique [8].

The concrete constitutive relationship is defined by an
extension of the strain-hardening plasticity theory of Chen and Chen
(Fig. 5.6) [4]1. 1In this approach, an initial yield surface is
defined as the limiting surface for elastic behavior. When the
material is strained beyond the elastic limit surface, a subsequent
new discontinuity surface, called the loading surface, is developed.
The two-part loading surface expands isotropically in space with
additional plastic strain until a failure surface is reached.
Further concrete response is dependent on which part of the surface
is reached. If the parabolic surface in the compressive region is
reached, then concrete is assumed to crush instantaneously and lose
all its strength. If the hyperbolic surface in the remaining region
is reached, concrete is assumed to crack orthogonal to the largest
principal strain. After cracking, the plain concrete loses all its

strength but the concrete/reinforcing steel composite loses its
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strength gradually. This effect is modeled by artificially changing
the assumed plain concrete behavior to a gradual, instead of sudden,
loss of strength beyond the failure strength using tension
stiffening, as illustrated in Fig. 5.7. The uniaxial compression
stress-strain curve specified for concrete is shown in Fig. 5.8. An
elasto-plastic stress-strain model was assumed for the reinforcement,
as shown in Fig. 5.9. Actual material strengths were used for speci-

fying concrete and steel material models.

5.4 Elastiz Finite Element Analysis

It was observed that at very small deflections, before the
onset of flexural cracking, the behavior of the test specimens was
essentially elastic. An elastic finite element analysis was
therefore conducted using elastic, homogeneous and isotropic material
properties for all elements. The modulus of elasticity of concrete,
calculated according to the ACI Code [2], was specified for material
properties. The primary objective of the elastic analysis was to
verify the geometric model by comparing its response with that of
test specimens in the elastic range.

The ACI effective width provisions are based on elastic
analysis of positive moment T-sections (where the slab is in compres-
sion) by theory of elasticity. Hence, results from the elastic
finite elements are compared with the theory of elasticity.deriva-

tion., Of specific interest is the stress distribution in the slab

under negative moment.
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5.4.1 Elastic Stiffness. The load-deflection behavior

predicted by the linear finite element model is compared with the
observed load-deflection response of test specimens in Fig. 5.10 for
interior specimens and Fig. 5.11 for exterior specimens. Since
modified and prototype specimens differed only in the amount of steel
reinforcement in beams and columns, their initial elastic response
was similar.

The analytical results compare well with the experimental
observations. The response of the test specimens was the same under
both positive and negative bending in the very early elastic stage.
Hence, only negative bending is compared. Elastic analysis overesti-
mated the stiffness of the specimens under negative moment (tension
at the top of the slab) by about 20 percent. This overestimation is
believed to be due to the following factors: 1) initial shrinkage
and temperature cracks in the test specimens reduced the stiffness,
but were not reflected in the analytical model;. 2) concrete proper-
ties could have varied from the idealized stress-strain curve; and 3)
analytical response was computed for monotonic loading, whereas the
actual specimens were subjected to cyclic load reversals. Thus, the
accuracy of the analytical model is reasonably good, and the validity
of the geometric model was verified.

5.4.2 Interior versus Exterior Specimens. Analytically

predicted load-deflection curves indicate that exterior specimens are
stiffer than interior specimens. Similarly, experimental results

jndicate that the exterior specimens are initially stiffer than the
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interior specimens, when beam end load versus beam end deflection
curves are compared. This apparent difference in the stiffnesses of
interior and exterior specimens, in spite of both having the same
cross sectional properties and reinforcement ratios, is due to the
nature of the boundary and loading conditions. Both the beams of the
interior specimen were loaded simultaneously , whereas the exterior
specimens had only one loaded beam. For the interior specimens,
load on one beam also causes the other beam to displace, and a
smaller load is then required on that other beam to achieve a given
displacement. This reduces the apparent stiffness of the interior
specimens compared to the exterior specimens when load versus
deflection curves are compared.

5.4.3 Distribution of Torsion Along Transverse Beam.

Variation of torsion along the transverse beam is of interest in
understanding the behavior of the slab system. The variation of
normalized torsion (torque/total moment %) along the transverse beam
obtained from elastic finite analysis is shown in Fig. 5.12, for the
interior and exterior specimens, and is nearly parabolic.

Based on the maximum tensile stress in the transverse beam
reaching concrete cracking stress, the cracking torsion was estimated
at 190 kip-in. using the elastic finite element analysis. This
compared well with the value of 206 kip-in. predictea as suggested by
Collins [5], and verifies the adequacy of the discretization used for

modeling the transverse beam.
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For a given externally applied moment, about 25 percent more
torsion is introduced into the transverse beam of the exterior
specimens, than that of the interior specimens (see Table 5.1). 1In
the interior specimen, some of the moment on one side of the
transverse beam is transferred to the other side by membrane forces
in the continuous slab without introducing torsion into the
transverse beam. In exterior specimens, the external moment has to
be transferred to the column from one side only, and so more torsion
is introduced into the transverse beam. Thus, even though the moment
induced by the longitudinal beam may be smaller for an exterior joint
than for an interior joint, the torsion induced in the transverse
beam of the exterior joint may still be large.

5.4.4 Effective Width of T-Beams, Elastic Range. As illus-

trated in Fig. 5.13, the classical effective width concept for T-
beams is derived from closed-form solutions of the stress distribu-
tion in a thin, infinitely wide flange connected to a deep web.
Stresses in the flange are assumed not to vary with depth. Elemen-
tary theory of bending assumes that plane sections remain plane, that
bending stresses are proportional to the distance from the neutral
axis, and that stresses are uniform across the width of the section
at any depth. The existence of shear flow in the T-beam flanges
implies shearing deformations in the beam flanges. Due to these
shearing deformations, parts of the flanges far from the web are
subjected to reduced bending stresses. The section is thus weaker

than would be indicated by elementary bending theory, assuming uni-
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TABLE 5.1 Distribution of Elastic Torsion

Distance Interior Specimen Exterior Specimen
from
Location  Column Torsion, % of Torsion, % of
Face, Total Total
in. kip-in. Moment kip-in. Moment
1 10.6 635 7.3 516 9.1
2 38.6 347 2.9 254 4.5
3 76.6 234 2.7 172 3.0

4 148.7 40 0.5 31 0.6
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form stress distribution across the width. The effective width
concept assumes that if the actual width of the flanges is replaced
by a certain reduced width then elementary bending theory can be
applied to this effective beam cross-section, to correctly predict
the flexural behavior of the entire slab-beam system.

This reduced width, commonly called the effective width, is
derived considering the flange to be infinitely wide and very thin
compared to the beam, so that the bending of the flange as a thin
plate can be neglected. During bending of the beam, forces are
transmitted to the flange in its middle plane only. According to the
effective width concept, increases in flange width beyond the
effective width will not result in increased moment capacity.

ACI effective width provisions are based on this concept.
According to the ACI provisions, the contribution of that portion of
the slab 1lying outside the effective width is implicitly included
when strength and stiffness of this reduced cross section is
determined by simple bending theory.

Results from the elastic finite element analysis show that
the above assumptions are unrealistic for reinforced concrete
sections with normal proportions, in which the slab is not very thin
compared to the depth of the beam. The stress distribution across
the depth and the width of the flange from the elastic finite element
analysis is shown in Fig. 5.14. Qualitative stress distributions
from the theory of elasticity and from the elastic finite element

analysis are compared in Fig. 5.15. Results from the finite element
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analysis indicate that far from the web, the slab continues to
participate by bending as a thin plate. The calculated location of
the neutral axis across the entire width of the T-beam is shown in
Fig. 5.16. The ACI effective width is also indicated in these
figures. Contrary to the effective width concept, while a portion of
the slab does act as a flange of the beam, the rest of the slab acts
as a shallow flexural section. The reduction in effectiveness of the
flange is due primarily to the variation in the position of the

neutral axis across the width, not to shearing deformations in the

flange.

5.5 Comparison of Crack Patterns

The behavior of the specimen changes at the onset of
cracking. The nonlinear finite element program was able to handle
cracking of concrete, and to determine approximate locations and
orientations of cracks. These predicted crack patterns are compared
with observed experimental results for the interior prototype
specimen. Only those crack patterns significant to negative bending
of the slab system are discussed. For this statically determinate
specimen, concrete tensile stresses are determiend by the applied
loads. Crack initiations and extensions are therefore compared at
similar load levels, rather than at similar deflections. General
locations and orientations of cracks from the nonlinear finite

element analysis compared well with observed cracking. Predicted
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crack extensions agreed well with crack propagation observed during
experiments.

Initial flexural cracks were observed in the slab at a beam
end load of 13 kips and were formed parallel to the transverse beam
and extended about 20-25 in. from the longitudinal beam. Analytical
studies indicated that the top of the beam cracked initially at a
load of 10 kips, and that at 17 kips, cracks extended about 20-24 in.
from the longitudinal beam. During testing, the cracks had extended
the full width of the slab at a load of 15 kips. Complete
propagation of the flexural cracks across the slab was analytically

predicted at a load of 19.5 kips.

During testing, flexural cracks were observed on the bottom
of the slab at a 1load of 16 kips and extended nearly 25 in. from the
longitudinal beam. Analyses predicted initial cracking of the bottom
surface at a load of 20 kips, and the extension of these cracks to
about 20-25 in. at a load of 22 kips.

Under negative moment, the cracking load was estimated to be
17 kips whereas the observed cracking load was 13 kips. Crack

propagation was thus adequately predicted by the analytical model.

5.6 lonlinear Finite Element Analysis

5.6.1 Stiffness. The load-deflection response from
nonlinear finite element analysis is compared in Fig. 5.17 with the
observed load-deflection relationship for the interior prototype

specimen. Load-deflection response was determined up to a beam end
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deflection of 0.7 in. As mentioned earlier, the entire load-
deflection curve could not be determined analytically due to limita-
tions of version 4-5-22 of the computer program in handling 1)
vielding of reinforcing steel, 2) convergence at larger deflection
levels (see discussion in Appendix A), and 3) running out of time.
The experimental load-deflection response shown in Fig. 5.17
is the envelope of the measured load versus deflection curves for the
west beam of the interior prototype specimen. Downward displacement
of the west beam, introducing a negative moment there, is shown in
positive sense, For an interior specimen, the east and west ends of
the longitudinal beam were subjected to equal and opposite
displacements. Thus, a positive beam end deflection at the west beam
was accompanied by a negative beam end deflection at the east beam.
Response of the east beam is not shown in the figure, It was
observed that cyclic loading caused minimal stiffness degradation of
the longitudinal beams from one cycle to the next at such small (0.7
in.) deflections. Thus, the east beam load-deflection envelope was
essentially the same as that for the west beam. Since load-
deflection response from nonlinear finite element analyses was
computed assuming monotonic loads, analytical load-deflection curves
are identical for the east and west ends. Hence, the load-deflection
plot of Fig. 5.17 could be viewed either as a load-deflection curve
for the west beam from a maximum negative deflection to a maximum
positive deflection, or as the positive load-deflection curve for the

west beam with accompanying negative load versus deflection curve for
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the east beam. This is approximately true of the experimental curve
as well, since it was observed that the west and east beam load-
deflection envelopes were very similar,

Compared with experimental results, at beam end deflections
of 0.7 in., the analytical model overestimates the secant stiffness
under negative moment by about 30 percent, and underestimates the
stiffness under positive moment by about 35 percent. Analytical
estimates of total moment introduced into the column compare very
well with observed behavior, as shown in Fig. 5.18. The total moment
is the sum of the moments imposed on the column by the east and west
beams.

The overestimation of stiffness under negative moment can be
largely attributed to the stress-strain curve specified in the
tension-stiffening range. A linear stress-strain relationship was
specified for the post cracking region (see Fig. 5.19). Generally,
the initial drop in concrete tensile stress after cracking would be
considerably greater than that implied by a linear curve, (and a more
realistic stress=strain relationship for post cracked concrete is
also shown in Fig. 5.19). vThus. the strength of cracked concrete was
overestimated and resulted in an increase in computed flexural
strength under negative moment. Under negative moment, a large area
of concrete reaches strains in this region of the tensile stress-
strain curve (slab in tension), and the tensile contribution of
cracked concrete to moment capacity is significant. The stiffness of

the slab system under positive moment is rather small compared to
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Fig. 5.19 Specified versus actual tension stiffening relationship
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stiffness under negative moment. Overestimation of the stiffness
under negative moment introduces a larger moment in the column from
that end and produce a greater upward displacement #t the other end.
A smaller load is then needed on the end deflected upward to produce
identical deflections at both ends.

Overestimation of the tensile strength of cracked concrete
resulted in overestimating the negative moment corresponding to a
given downward beam end displacement. This in turn resulted in
underestimating the positive moment corresponding to given upward
displacement of the other beam. However, the predicted and observed
load-deflection curves are very similar in shape. The changes in
stiffness with increasing deflection levels agree well with
experimentally observed response. Errors are believed to be due to
the way in whichhtension stiffening was modeled. Except for
overestimating the tensile strength of cracked concrete, the
analytical model closely predicted the observed response.

5.6.2 Effective Width of T-Beams, Inelastic Range. As

discussed earlier, the effective width of a T-beam based on elastic
finite element analysis was very different from the effective width
suggested by ACI Code provisions and derived from theory of
elasticity for both positive and negative bending. Both observed and
analytical results showed that the slab behaves very differently in
the inelastic range. Behavior of the slab system from nonlinear

finite element analysis is discussed and compared with experimental

results.
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The variation of longitudinal slab steel stresses across the
transverse beam as predicted by nonlinear finite element analysis is
shown in Fig. 5.20. These stress profiles are very similar to
longitudinal slab steel strain profiles from experimental
observations (see Figs. 4.6 through 4.10 and 4.12 through 4.16). In
Figure 5.21 slab steel stress profiles from analytical results are
compared with those from experiments, at similar loads. These
figures show similar distributions of stresses across the width of
the slab. An exact match between experimental and analytical steel
stresses is not expected, since experimental values of strain are
dependent on the location of the cracks and are measured at
particular points, whereas analytical results give average values of
stresses over a larger area of slab.

Figure 5.22 shows the profiles of the location of the
neutral axis at various deflection levels predicted by the nonlinear
finite element analysis. These neutral axis locations were computed
assuming a linear strain distribution over the depth at each
location, The change of neutral axis location with increased
deflections and increased cracking across the slab is apparent. At
increased deflection levels, the neutral axis moves further down from
the top surface of the slab, resulting in increased internal lever
arm. At a beam end deflection of 0.7 in., the entire slab is in
tension. As deflections increase, stress distribution across the
slab becomes more uniform. Unfortunately, response at larger

deflection levels was not obtained by finite element analysis, since
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the original version of the finite element analysis program did not
permit yielding of reinforcement. However, available results imply
that as slab reinforcement starts to yield, the distribution of
stress in the steel across the slab section would be fairly uniform
since increzsed deflection would increase strains so that yielding
would progress across the slab width. Experimental results showed
that most of the slab steel did yield at large deflections.

The variation of the position of the neutral axis across the
width of the slab indicates that even though steel far from the beam
was stressed to a level comparable with the beam steel it was not as
effective as the beam steel in resisting moment. The fundamental
difference between the basis for ACI effective width provisions and
the actual behavior is thus apparent. ACI provisions, based on the
shear lag concept, imply that slab effectiveness far from the web is
reduced because the stress distribution across the slab is not
uniform, with the stress in the slab decreasing with increasing
distance from the web of the T-beam. Analytical results show that
stress across the slab is actually fairly uniform, but that the slab
farther away from the web does not behave as would be expected by
simple flexural theory because the neutral axis location changes with
its distance from the web.

If a reduced effective width is used in conjunction with
simple bending theory for computing flexural capacity of the slab

system, the justification should not be that stresses vary across the
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flange but rather that plane sections do not remain plane during

bending.

5.7 Development of Design Guidelines

There are three distinct stages in the behavior of the slab
systems: the initial elastic uncracked stage; post-cracking, pre-
yielding stage; and the post-yielding stage. Cracking occurs at
fairly small drift levels,about 0.05-0.1 percent. Yielding of

flexural reinforcement occurs at story drifts of about 1.0-1.5

-

percent.

The stiffness of the slab system at service loads must be
accurately estimated in order to compute serviceability deflections.
The flexural capacity of the slab system must be accurately estimated
for capacity design of earthquake resistant structures. Current ACI
provisions for these two stages are discussed, and guidelines are
suggested for design based on the available experimental and

analytical data.
5.7.1 ACI Provisions for Effective Width. The ACI

provisions imply that the effect of the entire beam-slab system in
resisting flexure can be determined using simple bending theory,
considering a particular width of the slab to act as a flange of the
T-beam section. This implies that the participation of the entire
slab can be accounted for using a T-beam section having this effec-
tive width, and that when this T-beam section is evaluated using

simple bending theory the stiffness and strength of the entire slab-



194

beam system are correctly assessed. using simple bending theory. The
ACI provisions are compared with available results to help the
designer understand the limitations of the ACI approach.

5.7.2 Stiffness. Analytical and experimental results
showed that all of the longitudinal slab steel participated in
resisting the applied deformations, even at story drifts
corresponding to the serviceability range. It was shown tha% the
slab steel far from the web was not as effective as would be
suggested by simple bending theory (plane sections remaining plane)
because the distance of the neutral axis from the slab steel changed
with its distance from the web. Thus, if an idealized beam section
is to be analyzed by simple bending theory to reflect the observed
behavior of the slab system, the effect of all of the slab steel has
to be included in analyzing the idealized section.

In Figs. 5.23 through 5.28, the observed load-deflection
response of the interior test specimens under both negative and
positive moment is compared with predicted stiffness using three
different beam sections: 1) the ACI effective width; 2) the entire
slab width acting as a flange; and 3) an idealized beam section which
includes the effect of all the slab steel. The idealized beam
section is defined as a section with the geometric properties of the
ACI section, but with an amount of slab steel equal to the sum of the
area of the slab steel in the ACI effective width, plus half of the

area of the slab steel lying outside the ACI section. This factor of
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one-half reflects the reduced participation of steel far from the
web, and is discussed further in the next section (see Fig. 5.30).

Using simple bending theory, the cracked stiffnesses of the
beam sections were used to predict the load-deflection behavior. The
column stiffness was estimated using two limiting cases: 1) gross
moment of inertia; and 2) cracked, transformed moment of inertia.

For postive bending of the slab system (Figs. 5.23 through
5.25), the stiffness for these three different beam sections did not
change much. The stiffness of the structure was more sensitive to
the assumed behavior of the column (uncracked or cracked) than to the
assumed behavior (ACI, idealized or full slab width) of the beam
section, In the serviceability range, however, all computed
stiffnesses considerably underestimated the measured stiffness of the
test specimens.

For negative bending of the slab the assumed beam section
had a significant effect on the predicted stiffness of the test
structures (see Figs. 5.26 through 5.28). The variation in the
predicted stiffness values was greater for the interior prototype
specimen, in which the ratio of the area of slab steel to the area of
beam steel was 1.96, than for the modified specimens, in which the
ratio of the area of slab steel to the area of beam steel was 1.17.
Even for negative bending, the sensitivity of the stiffness to the
assumed behavior of the column, cracked or uncracked, was greater
than the sensitivity of the stiffness to the assumed beam section,

In the serviceability range, however, assuming an ACI T-beam section
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Fig. 5.24 Comparison of load-deflection relationship under positive
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5.28 Comparison of load-deflection relationship under negative
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resulted in underestimating the observed stiffness irrespective of
the assumed behavior of the column,

Used in conjunction with a cracked column section, the ACI
beam section gave a lower bound to the actual stiffness. An upper
bound on the stiffness was obtained using an uncracked column
stiffness and a beam section whose effective flange width was equal
to the full slab width.

5.7.3 Estimation of Strength. As discussed earlier in
Chapter IV, it is necessary, when designing structures to resist
seismic load, to determine accurately the contribution of the slab to
the moment capacity of a beam. As can be seen from the test results,
the use of effective flange width from ACI 318-83 in assessing the
strength of the beam leads to an underestimation of the negative
moment capacity. The positive moment capacity was not very sensitive
to the assumptions made for the flexural section of the slab system
since positive moment capacity is controlled by the bottom steel in
the longitudinal beam for underreinforced sectons. As mentioned
earlier, it is necessary to develop rational guidelines for esti-
mating the slab contributions to the negative moment capacity of the
beam. An approach using on both analytical and observed results was
developed to assess the contribution of the slab to strength.

All four test specimens were underreinforced sections, even
when the entire slab width was assumed to act as an effective flange

of the T-beam. All moment capacities were estimated using the
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actual, rather than nominal, material strengths of concrete and

reinforcing steel.

5.7.4 Idealized Model Based on Varying Neutral Axis

Position. Experimental results show that under negative moment, all
the longitudinal slab reinforcement had yielded at peak capacity.
Nonlinear finite element analysis in the post-cracking, pre-yielding
stage of the resonse showed that the location of neutral axis varies
across the width of the slab, and that the closer the slab section is
to the web, the farther the neutral axis is from the centroid of slab
steel. The distance of the centroid c¢f the slab steel from the
neutral axis is also a function of deflection level.

The effectiveness of slab steel decreases as its distance
from the web increases, due to the reduction in its distance from the
neutral axis. Hence, when simple bending theory is used to predict
the moment capacity of the section, considering the entire slab as a
flange of the T-section, both the effective internal lever arm and
the flexural capacity of the section are overestimated. Although the
stress distribution across the section is fairly uniform, the loca-
tion of the neutral axis across the slab changes during bending of a
reinforced concrete beam with a very wide flange. The approach used
by ACI to determine effective width is based on the shear lag con-
cept, i.e., the stress distribution across a wide flange is non-
uniform, with stresses decreasing with distance from the web near
peak capacity. Contrary to the shear lag approach, near peak capac-

ity, the steel stresses are uniformly equal to the yield stress.
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Although the stress in reinforcing steel across the width is uniform
near peak strength, the steel far away from the web is not as effec-
tive as the steel closer to the web because of its reduced distance
from the neutral axis. Experimental results showed that when the
entire slab was used as an effective width, simple bending theory
overestimated of available negative flexural capacity by 15 to 23
percent. Use of ACI effective width provisions to compute flexural
capacity underestimates the capacity by 14 to 47 percent, as they
ignore any contribution from steel lying outside of the effective
flange width is ignored. The underestimation is severe when the
ratio of the area of slab steel outside the flange width to the area
of slab plus beam steel inside the ACI T-section is high, as in the
case of the prototype specimens. Thus, a reasonable procedure to
compute negative flexural capacity should include all of the slab
steel with due qualification for its distance from the web of the
section.

The reduced effectiveness of slab steel far from the web can
be accounted for in computing moment capacity by reducing the
internal lever arm associated with this steel (Fig. 5.29). ACI
effective width can be used to qualify the slab steel as being
"close" or "far" from the web. The internal lever arm for slab steel
nfart from the web can be assumed to be some fraction of the internal
jever arm for the ACI T-beam section, and its contribution to the
moment capacity of the section can then be computed by simple bending

theory. A fraction between 22 and 39 percent gives results which
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equal measured strengths (see Table 5.2). As a conservative estimate
a value of 0.5 will slightly overestimate the strength. Results from

such calculations for the four specimens are shown in Table 5.2.

5.7.5 Simplified Design Idealization. Although this
approach reflects the bbserved behavior of the specimen, it could
lead to difficulties in determining moment-curvature relationships
and in satisfying equilibrium and compatibility for the section.
Difficulties could also be encountered in determining the amount of
balanced steel for the section. Hence, an alternative approach which
produces similar results but avoids scme of the difficulties
mentioned is suggested.

In this approach, an idealized T-section is used to
determine the response of the slab-beam system (see Fig. 5.30). A
section having ACI effective width is determined. The reduced
effectiveness of the slab steel lying "far" from the web, in the zone
from the mid-panel to the edge of the T-section, is incorporated into
this ideal section by adding half the area of the "far" slab steel
into the ACI section. The capacity of this idealized section can now
be determined using simple bending theory. The negative moment
capacity computed using this idealized section would be slightly
smaller than that obtained from the previous approach, because this
additional steel will result in a slightly smaller internal lever
arm. Results based on analysis of this idealized section are
compared with the experimental results in Table 5.3. The estimated

strengths are within 8 percent of observed values.



TABLE 5.2 Computations for Negative Moment Capacities
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Interior Interior Exterior
Prototype Modified Modified
Experimental moment,
kip-in. 3635 5480 5205
Moment capacity,
ACI section, kip-in. 2485 4380 4515
Yield strength of
steel, ksi 60 75 75
Area of tension steel
in ACI section (beam
+ slab), sq. in. 2.2 3.88 3.88
Average lever arm, in. 18.8 15.1 15.5
Area of slab steel
outside ACI section 2.64 2.64 2.64
% of lever arm for out-
side slab steel from
experimental results 38.6 36.8 22.4
Total moment capacity
assuming 50% lever arm 3975 5875 6050
Predicted/experimental 1.09 1.07 1.16

moment capacities
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TABLE 5.3 Moment Capacity Using Effective Beam
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Interior Interior Exterior
Prototype Modified Modified
Experimental capacity,
kip-in. 3635 5480 5205
Capacity of idealized
section, kip-in. 3485 5490 5630
Predicted/experimental 0.96 1.00 1.08
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5.8 Further Research Needs

The proposed model was calibrated using the data available
from tests described herein., The amount of data available for
calibration is fairly small. Further research needs to be undertaken
to examine the effect of several variables such as beam depth, slab
thickness, percentages of slabvand beam reinforcing steel, transverse
slab spans and torsional capacity of the transverse beam. Analytical
investigations using the nonlinear finite element program (ABAQUS)
should be undertaken to conduct parametric studies of the above
variables. Experimental programs can then be designed to verify the
influence of the significant parameters.

Several investigations are currently underway [17] to deter-
mine participation of the slab in flexural strength under negative
moment. These studies were not available at the time was conducted
and hence it was not possible to evaluate them in this report. How-
ever, initial review of this recently reported work indicated that
the major thrust was to determine the amount of slab participation
required to explain the strength observed in the seven-story struc-

ture. No extensive analytical effort to determine the mechanism of

flexural resistance was involved.



CHAPTER VI

SUMMARY AND CONCLUSIONS

6.1 Summary

The behavior of reinforced concrete slab-beam-column
connections under deformations simulating lateral load effects was
investigated. Both experimental and analytical studies were

conducted in this research,

6.1.1 Experimental Program. An experimental study of the

behavior of reinforced concrete slab-beam-column connections was
conducted as a part of the U.S-Japan Cooperative program on large-
scale testing, established to improve the design of seismic resistant
structures. A series of tests on a full scale seven story reinforced
concrete structure was carried out in Japan. Supporting tests
performed in both the U.S. and Japan included component beam-column-
slab assemblies, scale models of full scale structure, or portions of
the structure, and shake table models. The primary objective of the
cooperative program was to compare the results of the suporting tests
with the results from the tests on the seven story structure. Unfor-
tunately, difficulties in data transfer from the Japanese tests and
problems with scheduling did not permit direct comparison of test
results in this report. However, one type of test results which were
readily available from the seven-story structure, crack patterns,

were compared. Since the data from the seven-story structure is now
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available in a more accessible format, correlation studies are
currently under way as a continuation of this project.

Four full scale slab beam column assemblies were tested in
the Ferguson Structural Engineering Laboratory at The University of
Texas at Austin as a part of the U.S.-Japan program. The first two
specimens (referred to as Prototype Interior and Prototype Exterior)
were essentially identical to the slab-beam-column joints in the
second story of the full-scale, seven story structure tested in Japan
in terms of both geometry and reinforcing details. The remaining two
specimens (referred to as Modified Interior and Modified Exterior),
had increased the longitudinal reinforcement in the beams and
columns, to provide a variation in the ratio of beam-to-slab
strength. The four specimens were tested under reversed cyclic
loading patterns with increasing levels of maximum displacement.

The response of all four specimens was excellent up to
average story drifts of about 1.5 percent. The behavior. of all four
specimens was governed by flexure up to story drift levels of 2.5
percent. All except the exterior prototype specimen failed by
flexural hinging of the longitudinal beam and the slab, a desirable
failure mode providing a stable energy dissipation mechanism. The
controlling mode of failure for the prototype exterior specimen was
anchorage failure when the hooks of the longitudinal beam bars pried
off the cover from the rear of the connection. An improved
confinement detail, consisting of additional cross-ties in the joint

region, resulted in improved performance of the modified exterior
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specimen. Due to the large size of the columns, joint shear problems
were neither anticipated nor encountered.

The influence of the slab on the strength of the floor
system under imposed deformations was significantly greater than
would be anticipated if existing ACI Code effective width provisions
for compression flanges were applied to the tension flange calcula-
tions. The participation of the slab as a flange for the beam sec-
tion increases the flexural capacity of the floor elements. Evalua-
tion of test results indicated that current design procedures do not
adequately reflect actual behavior. Based on experimental results
alone, it was not possible to develop specific design guidelines.
Therefore, an analytical investigation was conducted tc better under-
stand the behavior of the slab systems under lateral loads.

6.1.2 Analytical Studies. Experimental results showed that

the behavior of the slab changed significantly from the elastic to
the inelastic range. Since the slab behaved inelastically in both
the serviceability and the ultimate limit states, a finite element
program (ABAQUS) which was able to reflect cracking of concrete and
nonlinear behavior of reinforced concrete was selected.

The slab was discretized using eight-node shell elements.
The longitudinal and end beams were modeled as stiffeners attached to
the shell elements of the slab. The column was modeled using three-
node beam elements., Since the beam elements are neither capable of
handling warping torsion, nor of considering transverse reinforce-

ment, the transverse beam was modeled as a tube made of shell
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elements. A single reinforced concrete material model was used for
all but the shell elements lying in the joint region. Since the
joint was expected to remain elastic during most of the response, it
was modeled as an elastic material having an initial stiffness of
plain concrete. The finite element analysis was used to predict the
load-deflection response under monotonic loads up to a beam end

deflection of 0.7 in.
6.1.3 Behavior of Slab Systems. The fundamental difficulty

in analyzing a floor system with beams is in determining the
distribution of moment between the slab and the beams. In converting
a real three-dimensional structure to a two-dimensional structure,
widths must be assigned to the columns, the beams, and the slab. The
determination of the path of moment transfer becomes complex even for
an elastic material. For reinforced concrete the problem is
aggravated due to the nonlinear response of the material.

The usual approach to analyze a three-dimensional slab
structure under lateral loads is to convert it to an equivalent two-
dimensional structure using the concept of effective width. The
actual flange width is replaced by a certain reduced width, and
elementary bending theory is applied to this effective beam cross
section to predict the behavior of the entire slab system. The ACI
effective width is based on the shear lag concept, in which the
nonuniformity of the stress distribution across the width of the

flange (stresses becoming smaller at greater distances from the web)
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is considered responsible for the reduced effectiveness of the slab

far from the web.

6.1.4 Proposed Idealized Cross Section for Slab Systems.

Both analytical and experimental results suggested that the behavior
of the slab system was not as assumed in the ACI Code effective width
provisions. Analytical results from nonlinear finite element
analysis showed that the reduced participation of the flange far from
the web was not due to nonuniform stress distribution across the
width, but rather due to the change in the location of the neutral
axis across the width of the section.

It was observed experimentally as well as analytically that
all of the slab steel participates in resisting flexure at all stages
of the response of the structure. Using the ACI effective flange
width provisions (which were intended to be applied to positive
bending only) for negative bending results in the steel lying outside
the effective width not being accounted for in determination of
section behavior. In the proposed model all of the slab steel is
accounted for, but with some modifications. The changing position of
the neutral axis is accounted for by associating the steel far from
the web with a smaller internal lever arm. A modified beam cross
section is determined, having the same width as suggested by the
current ACI provisions. The influence of slab steel lying outside
the ACI section can then be incorporated by adding the area of this
slab steel, multiplied by 0.5 (to reflect its reduced effectiveness)

to the area of slab steel inside the slab section. The percentage
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of slab steel (50%) was arrived at by calibrating the response of
this idealized section against the flexural capacities observed in
the tests.

The model has advantages over the current design procedure
in that it accounts for the influence of all of the slab steel, and
more correctly reflects the true nature of slab participation. The
section can be analyzed using simple bending theory to determine
moment-curvature response of the slab system. Because the total
amount of effective steel is known, failure mode can be estimated as
tensile, for an under-reinforced section, or as compressive failure
for an over-reinforced section. The method also has appeal in that
only a very minor modification has to be made to the current design
procedures,

There is need for further research to calibrate this 50%
factor, since the calibration was based on a small amount of data
(three tests). The finite element program (ABAQUS) used here could
be used to study the effect of several parameters such as beam depth,
slab thickness, reinforcement ratios, transverse slab spans and tor-
sional capacity of transverse members. Experimental studies should
be znnducted to verify the results of the analytical studies.

6.1.5 Comparison of Stiffnesses. Experimental results were

compared with current ACI design procedures, in which the influence
of the slab system is incorporated by the ACI effective width, and
with results using the idealized section (added steel). Comparisons

of stiffness indicate that both the ACI section and the idealized



217

section result in underestimating the actual stiffness. The
predicted overall stiffness of the structure was more sensitive to
the assumptions made in determining the stiffness of the column, than
to the assumptions made for the stiffness of the beam-slab system.
Irrespective of the assumed section of the beam-slab system, as long
as a cracked ACI or idealized section was used, a lower bound to the
actual overall stiffness of the structure was obtained. In the
serviceability range, where it is essential to predict the
deflections of the structure, the use of either the cracked ACI
section or the cracked idealized section would result in a
conservative design solution, in that deflections would be
overestimated.

6.1.6 Comparison of Strengths. The use of the effective

flange width from ACI 318-83 in assessing the strength of the slab
system resulted in severe underestimation of the negative moment
capacity observed from experimental results. The percentage of
underestimation of the negative capacity varied directly as the ratio
of the area of the slab steel outside the ACI section, to the area of
the slab steel and tensile beam steel in the ACI section. Since most
of the slab steel at the supports of a typical slab-beam system would
be outside the ACI section (in the middle strip), this error in
estimating flexural capacity is very significant. The use of an
jdealized section in assessing the negative moment capacity resulted
in close estimates of the flexural capacity of the slab system. The

positive moment capacity was not very sensitive to the assumption
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made for the flexural section of the slab system, since positive
moment capacity is controlled by the bottom steel in the longitudinal
beam for underreinforced sections. The use of either the ACI section
or the idealized section resulted in an overestimate of the positive
moment capacity.

In seismic design, where lateral deformations are imposed on
the structure and the moment imposed by the slab system on the column
is to be determined, underestimating the slab system strength may be
unconservative. The presence of elements with flexural strength
greater than that accounted for in design may result in excessive
strength and ductility demands on both those and other elements, The
behavior and the failure mechanism of the structure may differ from
that desired or assumed in design. Such differences result in
potentially serious damage to the structure, leading to local or
general collapse conditions. The use of the idealized section
results in fairly accurate estimates of the flexural strengths of the
slab systems. Accurate estimation of the strength slab system used
in conjunction with other safety provisions will result in

conservative design solution for structures resisting seismic loads.

6.2 Conclusions

6.2.1 Performance of the Test Specimens. One of the

objectives of this experimental program was to conduct a detailed
examination of the isolated joint specimens to compare their response

with the response of the beam column joints in the seven-story
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structure., The joints in the seven-story structure were subjected to

story drifts estimated to be about 1.5%. No shear distress was

evident in the slab-beam-column joint region in the seven-story

structure. Performance of the isolated test specimens was evaluated

with respect to the performance of the beam column joints in the

. seven-story structure at comparable deformation levels.

The behavior of the four specimens under reversed cyclic
loads was excellent up to story drift levels of about 1.5%
which were estimated to correspond to the maximum deflection
level imposed on the seven-story structure. There was no
loss in flexural strength of the specimens after cycling at
this deflection level. The behavior of all four specimens
up to this drift level was governed by flexure,

No shear distress was observed in the joint region during
any stage of testing. The large columns resulted in low
shear stresses in the joint (average joint shear stress was
4.9 JIT to 1 JED.

At drift levels of 4 to 5% (much higher than the maximum
drift levels experienced by the seven-story structure),
anchorage failure occurred in the exterior prototype speci-
men. This resulted in the capacity of the exterior proto=-
type specimen reaching only 2/3 capacity of the same section
in the interior prototype specimen. An improved confinement

detail (transverse cross ties) in the modified exterior
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joint greatly improved its performance, and the strength was
now the same as that of the interior modified specimen.

4. Torsional distress was observed in all four tests at large
deflection levels in the transverse beam near the column
face., The anchorage failure in the exterior prototype
specimen led to more severe torsional cracking in the
spandrel beam than in the other three specimens.

6.2.2 Influence of Slab on the Behavior of the Floor

System. Although no problems associated with beam column joints were

encountered in the test specimens, this experimental program

tudy the influence of the slab

)]

presented an excellent opportunity to
on the flexural strength of the floor system. The eritical question
was to determine the slab participation under the action of a
negative moment. An approach based on the ACI effective flange
widths was used to evaluate the slab contribution to the flexural
capacity of the floor system. The ACI effective flange widths were
intended to apply to the case of compression flanges, but do not
specifically exclude the application to tension flanges. There is a
need to develop design guidelines to determine the contribution of
the slab under negative bending of the floor system. Underestimation
of the floor system flexural strength could result in underestimating
the flexural requirements for the column. The evaluation of slab

participation is needed to determine the (1) stiffness and (2) the

strength of the floor system.
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The influence of the slab on the behavior of the floor

system can be summarized as follows:

1.

Experimental and analytical results showed that the influ-
ence of the slab on the flexurzl strength of the floor
system under imposed deformations was considerably greater
t’ an would be anticipated by applying the ACI effective
width provisions to the case of negative bending.
Experimental results showed that the use of the cracked
section for the floor system, irrespective of the assumed
effective section, underestimated the stiffness of the slab
system in the serviceability range and would result in a
conservative estimate of the deflections under lateral
loads. The stiffness of the test specimens was more
sengitive to the use of cracked or uncracked section rather
than to the assumed effective widths.

Based on analytical and experimental data (three tests) a
model was developed to estimate the negative flexural
capacity of a floor system. An idealized beam cross sec-
tion, having the same width as suggested by current ACI
provisions, is proposed. The influence of the slab steel
lying btween the T-section and the mid-panel is incorporated
by adding half (50%) of the area of this slab steel to the
area of the tensile steel inside the ACI T-section. How-

ever, the 50% factor needs to be further calibrated to
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validate its applicability to a variety of sections. Both
anzlytical and experimental work is needed to assess the
effects of variables such as slab depth, beam depth, rein-
forcement ratios, transverse slab spans, and torsional

strength of transverse beams.



APPENDIX A
PROBLEMS ENCOUNTERED DURING ANALYTICAL STUDY

It was deemed necessary to analyze the test structure using a
finite element procedure which would predict its behavior. A program
able to model the structural behavior of various components (slab,
longitudinal beam, transverse beam, column) the test specimens was
required. Nonlinear material properties of concrete and reinforce-
ment had to be realistically modeled.

Based on the available literature, a commercial finite ele-
ment package ABAQUS [6,7,8] was selected. The User's and Theory
manuals for ABAQUS indicated that this program had a wide range of
capabilities. Geometric modeling could be achieved with a variety of
finite elements; beam elements, shell elements, 3-D elements, etc.
Any combination of these elements could be interconnected by transi-
tion elements and used to model the structure. Nonlinear material
properties could be f{ami= for all the elements. A special concrete
material model was included in the program. Finally, ABAQUS was
available on the Dual Cyber computer system of The University of
Texas at Austin.

Severai problems were encountered when using the program.
Initially, it was discovered that the manuals available were for the

latest version of the program, whereas the version (4-5-22) on the UT
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system was a couple of years outdated. Hence, some of the features
in the manual were not available in the old version.

Initial problems included the fact that automating internal
numbering for element numbers t» reduce the front width for the
frontal solver was not implemented in the program, contrary to the
impression created by the User's Manual. A lot of effort was
required to arrive at this conclusion since it would not be deter-
mined easily from the output. This problem was solved by manually
numbering the elements to have a minimum frontal size.

In the nonlinear solution algorithm, convergence was checked
after the fourth cyele in each increment. If linear convergence was
not achieved, then the step size was decreased. Since linear con-
vergence is generally not possible in reinforced concrete analysis
problems, the resulting step sizes determined by the solution
algorithm were very small. This led to very slow progress along the
load-deflection path. The User's Manual suggested that a "submax"
parameter could be specified to ensure that convergence would not be
checked until a specified number of iterations had been performed.
Use of this "submax" parameter was recommended by the Examples Manual
for reinforced concrete members. The available ABAQUS version could
not use the submax parameter. This was more of an inconvenience than
a serious drawback.

The most significant problem encountered with the original
version used was the inability of the program algorithm to trace the

response of reinforced concrete sections after the yield of
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reinforcing steel. This was discovered after consultations with the
developers of ABAQUS when analytical results from analysis did not
appear to be reasponable near the point when yielding was expected.

At this juncture it was decided to acquire the latest ver-
sion of ABAQUS, which would presumably not have the various problems
discussed above. A new version of the program was obtained from the
developers and installed at The University of Texas computer. How-
ever, several problems were also encountered with this new version of
the program. Some of the output options in the User's Manual could
not be executed.

Most serious however, was the continued inability of the
program to compute reasonable stresses in the reinforcing steel in
the shell elements. Various solutions to rectify this situation were
suggested by the developers but these did not result in successful
execution. It was then decided that results could not be obtained
from the new version in a reasonable amount of time. Time restric-
tions did not make further debugging feasible. A decision was made
to work with the results obtained from the old version as these
results seemed reliable until yielding of reinforcement was
encountered.

All the above problems with the new version of ABAQUS were
finally resolved. The author regrets that time constraints did not
permit the full incorporation of the latest version of ABAQUS into
this dissertation. Continued use of ABAQUS and other similar

programs is a worthy topic for future research and can help in
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understanding of the observed behavior of complex reinforced concrete

test specimens.
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